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Summary

The continuous increase of human activities aloogstal zones has encouraged
coastal and maritime engineering to realise everemtyuctures, as breakwaters, to

reduce the wave action in harbours and on the shore

Monolithic structures, especially for breakwaters great depth, constitute a
particularly competitive structure in term of totaosts, construction time,
maintenance and environmental aspects becauseiofflgxibility to adapt to any
requirements related to their shape, size and #pufpose use. On the other hand,
the design of vertical caisson breakwaters is @aletrly complex due to the transient
phenomena involving the soil-fluid-structure inttian and the wave loads may

cause failure of the foundation of a gravity stauetin several ways.

The interest to this research comes from obserthag many vertical breakwaters,
apparently properly designed, have collapsed oemepced bleak damage that could
not be predicted at the design stage and canneixpkained by stationary design

methods and analyses.

Until 1990’s limited attention has been paid by tteslitional design methods to the
soil mechanical aspects involved in the breakwataruring the understanding of
the hydraulic and structural aspects. For verticabkwaters numerous failures were
recorded in the 1930s and, consequently, they wainest abandoned in favour of
the rubble mound breakwater type (Oumeraci, 198&pr a series of catastrophic
failures experienced also by large rubble mounalkwaters at the end of the 1970s
and the beginning of 1980s, a number of action®wstarted to promote the revival
of vertical breakwaters.

Hence, important research activities were undentaimed at better understanding
the short duration loads by wave impacts and theahdoundation response to
impact and cyclic loading. Nowadays, new knowledgad considerable

improvements have been achieved with respect tarteehanism responsible for

geotechnical failures, their prediction and theoasged uncertainties.
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Research results show that most of the failure made associated with the dynamic
nature of the wave loads and the transient phenanmrolved in the structure-
foundation interaction. Consequently, several ssidihould be aimed at improving
an integrated design of vertical coastal structuessbracing hydraulic, structural
and geotechnical aspects. In this framework, séweuaopean Research Projects

have been developed.

The problem of the stability of monolithic breakeet has not yet been solved in a
commonly accepted way and designers generally raszigal formulae rather than a
theoretical approach. The traditional foundatiorsigie is based on stationary
equilibrium equations for sliding and overturningtioe wave loaded structure. The
bearing capacity is accounted for by comparing stresses transmitted into the
foundation, by the wave load, to a threshold valsgociated with the characteristic
of the foundation material. The wave load is dedifrem equations such as the well-
known Goda’s formula (Goda, 1985).

This simplistic approach completely ignores thecpsses induced in the foundation
like, for instance, the irregular pore pressurdrithistion in the bedding layer, the
instantaneous and residual excess pore presstieessethe soil degradation due to
repetitive wave loading and other phenomena. Camsdly, many forms of

unexpected failures can occur and sometimes no bbtaadary between failure and
non-failure is evident, but small residual deforimag under repetitive high loads are

present.

This Doctorate Research concerns the behaviour of vertical caisson bretdsa
under cyclic loading induced by the wave actionrdspecifically, we mainly focus

on the geotechnical aspects, with particular refeedgo sandy subsoils.

Some mechanisms of failure taking place in sandis doundations have been

studied, paying attention to the mechanical behavid sands cyclically loaded.

During the storms the action of the waves on thed daundation generated shear
stress and strains that are cyclic in nature. Mauglies have been carried out on the
effect of the direct sea-wave action on the sedloddnany uncertainties characterise

the dynamic wave-structure-foundation interactiuot, yet well investigated.
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The study of the mechanical behaviour of granutéls sinder cyclic loading, based
on standard laboratory tests, has evidenced thae-imaluced cyclic action may
induce phenomena of partial liquefaction and cyadhobility of sandy soils.

Liguefaction and cyclic mobility have been objetiaocontinuing discussion within
the geotechnical engineering, commonly associatedround failures due to the
earthquakes. Although liguefaction is commonly uded describe all failure

mechanisms resulting from the build-up of pore gwess during undrained cyclic
shear of saturated soils, several researchersdrgued that liquefaction and cyclic

mobility should be carefully distinguished.

The constitutive modelling of granular soils unttansient and cyclic loading is also
quite complex. In the last decades extensive reseamabled to develop advanced
models in order to take into account several aspafcgranular soil behaviour under
loading, unloading and reloading. Progressively rensophisticated studies have
helped to develop constitutive models of increasiogplexity, arriving to describe

phenomena as liquefaction and cyclic mobility (¢hg generalised plasticity model

developed by Pastor-Zienkiewicz, 1990).

A significant part of this research deals with #mealysis of some laboratory test
results performed in the framework of a Europeasedech Project (PRObabilistic

Design Tools for VERtical BreakwaterS, Oumeraalet2001).

In this project, sandy foundation of vertical caissreakwaters has been studied
with dynamic centrifuge tests performed at the tabmry of GeoDelft (Delft, The
Netherlands) (Van der Poel and De Groot, 1998).

The modelled structure was subjected to cyclicZomtial loading simulating regular
and irregular wave loading, until failure occurr@the critical failure mechanism has
been studied by analysing caisson displacementsaakihg motion. The influence
of the loading scheme on the structure’s respomsk pre pressure distribution

along the caisson has been analysed.

Test results show that failure occurs accordin@ tmore complex mode than the
mechanism expected (liquefaction flow failure). Tiluced collapse is not a
consequence of a specified wave load but it ocamsording to a progressive

mechanism under repetitive high loads. The wavemdtads to oscillatory motions
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and residual permanent deformations of the stracttausing a “stepwise” bearing

capacity failure in the subsoil.

The dilative nature of sand and the instantaneadsained conditions, with drainage
characteristic time larger than load applicationetj lead to think that phenomena of
“instantaneous liquefaction” and “cyclic mobilitygvere probable responsible of
failure process.

In conclusions, the research has resulted in isexk@sight into the interpretation of
foundation failures of vertical coastal structurktsincreased understanding of the
mechanical behaviour of sandy soils cyclically leddy the wave action and the

transient phenomena involved in the structure-fatiod interaction.

The study, based on the interpretation of centefugsts, has evidenced that
complicated phenomena, not taken into account bytréditional design approach,
may play a significant role in the failure mode. @we other hand, it could
significantly be important to study the mechaniedponse of sand underneath the
caisson in terms of effective and total stress gaiihis could prove that the soil
follows the typical path of cyclic mobility. Theit,would be important to carefully
investigate the cinematic aspects in the strudmmedation interaction, especially as

regards the deformation field characterising tHeseil.

The research provides the basic tools useful tceldpva numerical modelling

activity based on experimental results.

Finally, the monitoring a real vertical caissondkeater cyclically loaded for a long
period (Appendix Il) showed the importance, in firactical design, to observe real

structures under wave action, in order to makeaal gwediction of their behaviour.



Chapter 1

I ntroduction

1.1 Aims and scope

The continuous increase of human activities aloogstal zones has encouraged
maritime engineering to realise an increasing nurobstructures, as breakwaters, to
reduce the wave action in harbours and on the shbhetil 1990’s limited attention
has been paid by the traditional design methodshéo soil mechanical aspects
involved in the breakwaters, favouring the undewilag of the hydraulic and

structural aspects.

With respect to monolithic breakwaters, as vertieall breakwaters or caisson
breakwaters, the problem of the stability has rett lyeen solved in a commonly
accepted way and designers generally use pratbicallae rather than a theoretical
approach. The traditional foundation design is Hase stationary equilibrium

equations for sliding and overturning of the wawaded structure. The bearing
capacity is accounted for by comparing the stressesmitted into the foundation,
by the wave load, to a threshold value associatgld the characteristic of the
foundation material. The wave load is derived freguations such as the well-
known Goda’s formula (Goda, 1985).

Many good designs have been made in this way. Nesless, observed case-
histories and a literature survey have revealed thany vertical breakwaters,
apparently properly designed, have collapsed oerapced bleak damage that could
not be predicted at the design stage and cannetgilained by the current stationary
design methods and analyses. Most of the failurda®oin fact, are associated with
the dynamic nature of the wave loads, with the silibgsistance and with the
transient phenomena involved in the structure-fatiod interaction. The traditional
procedure to analyse the stability of vertical mdhiw breakwater completely

ignores the processes induced in the foundatia) fikr instance, the irregular pore
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pressure distribution in the bedding layer, theantgneous and residual excess pore
pressures effects, the soil response due to regetwvave loading and other
phenomena. Consequently, many forms of failures weour and sometimes no
clear boundary between failure and non-failurevislent, but residual deformations

under repetitive high loads are present.

In the last thirties, as a consequence of seveatdstrophic failures, vertical
structures were almost abandoned for a long pdfadneraci, 1994). Conversely,
monolithic structures, especially for breakwatersgeeat depth, represent a good
solution in term of total costs, construction tinmeaintenance and environmental
aspects. These aspects justified a renovate ihferegertical structures and induced
important research activities, aimed at achievingiae exhaustive knowledge of
main involved phenomena and at investigating siamalously dynamic, hydraulic
and geotechnical aspects. Hence, new knowledgecansiderable improvements
have been achieved with respect to the mechanissponsible for geotechnical
failures, their prediction and the associated uagaies. Nevertheless, the research

is still at the beginning and important further el®pments are needed in the future.

This Doctorate research concerns the behaviouenical caisson breakwaters under
cyclic loading induced by the wave action. Moredfieally, we mainly focus on the

geotechnical aspects, with particular referencsatady subsoils, paying attention to
the dynamic aspects involved in the problem. Thelysis aimed at analysing the
action of the short duration loads by wave impaatsl the actual foundation
response to impact and cyclic loading. For failaeses with sandy subsoils we
discuss the question whether “liquefaction”, atstegore pressure build-up after
each load cycle” may play a role or rather an aedation of small irreversible

strains at repetitive peak stresses.

In the research an experimental approach is follow€his is based on the
interpretation of laboratory tests executed in fi@mework of an important
European Research Project, performed by Oumeracal.e{2001) and called
“PROVERBS” (PRObabilistic Design Tools for VERtic&reakwaterS). This
project is a large EU-funded research project wingl 23 institutes from 8 European
countries and different disciplines like fluid megics, applied mathematics, soil

mechanics, structural dynamics, hydraulic and ebastgineering. It started in 1996
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and finished in 1999 and had intended to develop pbabilistic design/analysis
methods for monolithic coastal structures and breddrs subjected to the wave
attacks. Within the framework of this project, sarddundation of vertical caisson
breakwaters has been studied with dynamic centitegts, performed at GeoDelft
(Delft, The Netherlands) (Van der Poel and De Gri898). A significant part of the
thesis deals with the results obtained by thests tesd an interpretation of the
observed failure behaviour is proposed. The failprecess has been analysed by
examining the effects of the cyclic wave action tbe mechanical behaviour of
sandy soil foundation. The outcome of this studythat the failure occurred
according to a more complex mode than the mechaeigpected when the tests
were designed, that was a “liquefaction flow falurinvolving the structure.
Conversely, phenomena of “instantaneous liquefattitvesidual liquefaction” and

“cyclic mobility” have been considered responsitidailure process.

We conclude that such a phenomena, not taken atiouat by the traditional design

approach, may have played a significant role irfaéilare mode.

Since July 2003 to July 2004 the PhD research leas Iperformed in Delft (The
Netherlands), under the leadership of Prof. H. Ivgj (Delft University of
Technology, Hydraulic Section), Stefan van Baarsdi@chnical Department) and
M. B. De Groot (GeoDelft).

It is finally important to remark that the presemsearch has been partially
financially supported by “Impresa Pietro Cidoniop3\., specialised Company for

civil and maritime works.

1.2 Contents
The structure of the thesis can be summarisedilasvi

— Chapter 2 presents a general background and an extenssvatlite review of the
main design tools for vertical breakwaters, withtigalar regard to the research
explicated within the framework of PROVERBS Project

— Chapter 3 describes the mechanical behaviour of granulds swider static and

cyclic loading conditions, deduced by the standabdratory experimental tests;
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then, the constitutive modelling of cyclically lat sand is analysed and an

advanced material constitutive model is presented;

— Chapter 4 shows the results of the centrifuge tests perfdrineGeoDelft and

proposes a key of interpretation of the observédrés behaviour;

— Chapter 5 summarises the general conclusions and presents soggestions on

the future improvements and developments of theare$.
Finally, the thesis comprises two Annexes.
In Annex | all the results of the centrifuge tests have lmetlected.

In Annex Il a study of a real vertical caisson breakwaterdsite the Port of
Civitavecchia (West Coast of Italy) is presentecasurements of settlements of the
breakwater, recorded during the different stageghef structure’s construction,
enabled to increase the understanding of the bra@kis behaviour under static and

wave-induced cyclic loading.



Chapter 2

General background and literaturereview

2.1 Introduction

A breakwater is a coastal structure that providgficeent protection of the area
behind it from the wave action. Its main functiesntd reduce the wave transmission
around, trough and over the breakwater itself, blgo the wave reflection
(important, for instance, for ship manoeuvres) aage overtopping (important, for

instance, for installations/operations on and befine breakwater).

Two main different types of breakwaters can beimjstished, according to their

structural featuresubble-mound breakwateypeandvertical breakwatetype.

When the rock is available conveniently for quargyitherubble-mound breakwater
is generally the most economical structure forgebon. It is characterised by a core
of quarry-run (“tout-venant”), containing a limitgokrcentage of fines (to minimise
settlements due to washing out), covered with lpéistones of increasing size and
by a final, larger, two-layer armouring on the saeWwface, in order to absorb the
wave energy by breaking, friction and percolatibran dissipate steep storm waves
by turbulence, as water penetrates the voids betiveerocks. Armour layers should
then have a high porosity in order to reduce waveip and overtopping. A wide,
shallow toe berm can also reduce overtopping bgirigrthe wave to break against

the main armoured layer.

A vertical breakwaterconsists of a wall and a foundation. It is chagased by a
high wave reflection. The wall may be realised widllular caissons, crowned by a
concrete superstructure, or with a block-struct@alular caisson is a pre-fabricated
rectangular structure sunk trough water to thegpitesd founding depth, filled with
sand, rock or concrete. In both cases (caissofsook-structure) the wall may be
considered for the foundation as a stiff monolitetcucture. The foundation of a

vertical breakwater consists of two parts, a rulibiendation (usually constituted of
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granular material, no more than gravel) and thesailifoften original seabed). In
some cases part of the original seabed materigni®mved and replaced by sand or
fine gravel, that becomes part of the subsoil. &misreakwaters are very popular in
Mediterranean countries due to a number of diffefectors: monolithicity; low cost
and good quality of the concrete; small variation water levels; rapidity of
placement on site; reduced maintenance; enviroraheanstraints related to the use

of rock quarries and to rock transport and dumpiolgution.

The main difference between the mound type andribtweolithic type of breakwater
is due to the interaction between the structurethadubsoil and to the behaviour at
failure. The mound-type structures can follow umegettlement of the foundation
layers, whereas the monolithic structures requisolad foundation that can cope
with high and often dynamic loads. The behaviouthef structures close to failure is
also quite different. When a critical load valueeisceeded, a monolithic structure
will lose stability at once, whereas a mound-typstaoucture will fail more gradually

as elements from the armour layer disappear oee afiother.

Finally, composite breakwaterare sometimes used in order to save material and
reduce the width of the section. They consist atiz@ caissons protected by a
conventional rubble-mound on the seaside, whicliresstheir stability by reducing
the hydrodynamic force of breaking waves. This sofuis sometimes adopted to
rehabilitate a damaged vertical structure, combirdnrigid element with a flexible

structure.

In Figures 2.1, 2.2, 2.3 and 2.4 some examplesefdescribed breakwaters types

have been reported.
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SR
P
/ o —7 =
conventional rubble mound berm breakwater

reef breakwater low-crested / submerged breakwater

Figure 2.1 — Mound breakwaters types

Vs N\

Figure 2.2 — Monolithic breakwaters type

= ae

vertically composite horizantally composite
caisson / rock breakwater caisson / rock breakwater

Figure 2.3 — Composite breakwaters types



8 Chapter 2 -General background and literature review

sea-side harbour-side

rubble - mound . cellular caissons

soil foundation

Figure 2.4 — Vertical caisson breakwater

Analysing the “history” of the breakwaters we digep that the first breakwaters
date back to the ancient Egyptian, Phoenician, IGamel Roman cultures. As early
as 2000 BC, mention was made of a stone masonakWweder in Alexandria, Egypt
(Takahashi, 1996). The Romans also constructedniugolithic breakwaters, since
they had mastered the technique of making concidte.Roman Emperor Traiano
(A.D. 53-117) initiated the construction of a rubbimound breakwater in
Civitavecchia, which still exists today. The verlatf seaward slope and the
complicated superstructure are proof of a histdnyial and error, damage and repair
(Vitruvius, 27 BC; Shaw, 1974; Blackman, 1982; @eHena, Prada and Redondo,
1994; Franco, 1996). The rapidly increasing seadorade in the fcentury led to

a large number of breakwaters being built in Eurape in the emerging colonies. In
order to avoid the problems of construction in degper, rubble mound berms were
used for the foundation of a monolithic supersuwuetand thus the first real
composite breakwaters came into existence. The ositepbreakwater became the
most widely used type in the early"2@entury, especially in Italy, where a lot of
breakwaters were constructed in relatively deepwalong Mediterranean coast. In
the meantime, the Japanese continued to build amklab the monolithic
breakwater. An important contribution was givena¥rench engineer, G.E. Jarlan
(1961), who introduced the perforated front wall rexluce reflection and wave
impact forces.
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Both the rubble-mound breakwater type and the cadrbireakwater type experienced
several catastrophic failures in the past. Foricarbreakwaters numerous failures
were recorded in the 1930s and the cost to re-lwiéd 2+3 times more than the
original cost.An interesting review of catastrophic failures exgeced by vertical
breakwater is reported in Oumeraci (1994). He wmijgtishes three reasons for
failures: a) reasons inherent to the structurdf ifeen-monolithicity of the structure,
weakness of the concrete, etc.); b) reasons inhtreéhe hydraulic forcing and loads
conditions (excess of design wave conditions, getuwe of breaking waves and
wave impact loads, wave overtopping etc.); c) reasoherent to the foundation and
seabed morphology (unfavourable configuration e seabed, seabed scour and
erosion, settlements of the structure and shedurdaiof the foundation). These
aspects are systematically discussed for differesstes occurred in different
countries (Figure 2.5 and Table 2.1). Oumeraci baies that the traditional design
approaches cannot explain most of the failure maaedysed and that the stability
of vertical breakwaters is an integrated and compfgoblem, which can
satisfactorily be solved only by dynamic analysesd aprobabilistic design

approaches.

Notations in Tab.1

T = Wave Period ucy = Cyclopean Block Type (unbounded) 1)
RMF = Rubble Mound Foundation CEL = Cellular Block Type 1)

CA = Caisson Type WEL = Well Block Type 1)

BCY = Cyclopean Block Type (bounded) )
Figure 2.5 — Vertical Breakwater — definition skefor Table 2.1
(adapted from Oumeraci, 1994)
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Breakwater

H (m)/T(sec)

Design

Actual

Nature
of
seabed

(m)

hro
(m)

(m)

I[/m

Reasons for

failure

Bizerta
(Tunisia,
1915)

17

10

10

13

4/5

Breaking
waves
Overtopping
Erosion of
roubble mound
foundation

Genova
(Italy, 1955)

5.5/7

7/12

Fine-
grained
sand

12

17.5

7.4

6.0

8/7

17.9

10.5

3.0

12

1/1

Exceedance
design wave
Non-
monolithicity
Breaking
waves
Wave
overtopping
(sliding)

Nigata
(Japan,
1976)

7/13

7/13.5

Silty-
sand

15

17

4.5

9.0

4.0

10

4.5

7.0

1/3

Breaking
waves
Overtopping
Differential
settlement

Naples
(Italy, 1987)

13

19

7.5

10

18

12.5

2.0

3.5

1/1.

Wave breaking
(sliding and
overturning)

Mashike
(Japan)

5.5/10

6.6/12

14.5

1.0

6.9

2.8

6.0

3.9

1.0

1/3

Exceedance
design wave
Wave breaking
Overtopping
(sliding = 2.9
m)

Fukaura

(Japan)

7.6/11

6.3/13

20.5

15

25

17

4.3

12.5

11

2.5

12

1/3

Wave breaking
Overtopping
Erosion of
roubble mound
foundation

Sakata
(Japan)

3.3/8.8

5.5/13

6.5

7.0

55

10

2.5

10

2.9

2.5

4.5

1/1.
5

Exceedance
design wave
Wave breaking
Differential
settlement
(sliding and
shoreward tilt)

Table 2.1 Review and analysis of vertical breakwater faiurelessons learned

Coastal engineering, 22 (1994) 3-29. Adapted framm@raci, 1994
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Consequently to these failures, vertical structuvese almost abandoned in favour
of the rubble mound breakwater type. After a sendscatastrophic failures

experienced also by large rubble mound breakwatetise end of the 1970s and the
beginning of 1980s, a number of actions were slatte promote the revival of

vertical breakwaters and the development of nevakwater concepts (Oumeraci et
al., 1991). In this sense, monolithic caisson tgpactures constitute a particularly
competitive structure, especially at greater delpéitause of their flexibility to adapt
to any requirements related to their shape, sidenaunlti-purpose use. Example from
Japan (Tanimoto and Takahashi, 1994), Monaco (Bstuehal., 1994) and Korea
(Lee and Hong, 1994) have already shown that thengal of adapting caissons
type structures to meet any requirement of teclhnsoial and ecological nature is
higher than any other traditional type of structuf@is however, requires a high

level of knowledge and technology.

Consequently, several studies have been performedier to improve an integrated
design of vertical coastal structures, that comgmel hydraulic, structural and

geotechnical aspects.

In the following sections these different aspectstaiefly discussed, especially with
reference to the research performed in the framevadr PROVERBS Project
(Oumeraci et al., 2001).

2.2 Hydraulics aspects

2.2.1 Introduction

The interaction between the waves and the strustpia@ys a significant role in the
design of marine structures. A good design hasneusion the vertical breakwater,
its structural elements and its foundation to teseve action and its effects, and to
deliver required hydraulic performance. On the ptmend, the prediction of waves
forces and distributed pressures on structure®nspticated and characterised by

high uncertainties.

Waves are generated by wind fields over the seshofé from the coast of interest.

In general, a wave field is characterised by aig@nt wave heightH, and a peak
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period,Tp. Hs is defined as the average height of the highest prart of the waves in

a wave field, whileT, is the peak period of the wave spectrum, the peunid the
maximum energy densityHs, in a combination with the Rayleigh distribution,
characterises the state of the sea at a certairemtoifhe state of the sea can change
every hour, giving different values féts, which also has a different distribution in
time, the so-called “long-term distribution”. For amtenance and design
considerations, the long-term distribution is intpat in the choice of representative

loading conditions.

Wave loads on structures are traditionally clasdifinto pulsating wavdoads (or
non-breaking wave loadsr standing wave loadsand impact wave loaddqor

breaking wave loads

For pulsating wave loadthe load duration is larger than expected dynassponse

of the structure and a “quasi-static” approachlmamapplied. The loads defined so far
are called quasi-static forces, because they fitetwith the wave period of several
seconds and do not cause any dynamic effectsidheftects need not to be taken

into account.

When the wave collides with the surface, a verytsimopact pressurdrfipact wave
loadg characterised by a very large local magnitudd wécur. The quasi-static
pressures are always in the orderogH, but the impact pressures can be 5 o 10
times higher, reaching values between 50 andm®@ (meters waters column). In
this case the load duration is most relevant ferdimamic response of the structure

and a dynamic analysis is necessary.

Many researchers have studied the phenomenon itabwgatory and none have
found a satisfactory explanation that can predlietdccurrence and the magnitude of
a wave impact as a function of external paramefgpparently, the deceleration of
the mass of the water in the wave crest, combinéd tiwve magnifying effect of the

air cushion, causes the high pressure.

Depending on the purpose and the failure modesvfich they are used, a further
classification of the wave loads is suggestpaisi-static loadingwhich may induce
an overall failure of the structura@impact loading(causing local overall failure and

structural failure modes) amyclic loading(causing fatigue and stepwise failure).
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In Figure 2.6 the different types of wave loadiray fmonolithic structures are
represented.

A parameter response map for prediction of the tfpsave loading on vertical and
vertically composite breakwaters based on strucje@@metry and wave conditions
has developed in the framework of PROVERBS Projdéte parameter map,
reported in Figure 2.7, has been validate agaimairaber of model data sets from
several Researches Institutes and Universities.

In the next Sections the methods to calculate tlesspre on vertical structures

induced by wave loading are briefly presented. Thidone both for pulsating and
impact loads.
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Figure 2.6 — Wave loading for monolithic structures
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Figure 2.7 — Parameter map

2.2.2 Pulsating wave loads

The first method to calculate pressures exerted wertical wall by standing waves
was developed by Sainflou in 1928, on the basishefformula for the pressure
distribution under a wave according to the lineave theory. Sainflou published a
theory of trochoidal waves in front of a verticahlwand presented a simplified
formula for pressure estimation. The pressureidigion is sketched as in Figure
2.8.

The pressure intensities and the quantity of watezl rised, are given as:
P = (P, +wph)(H +,)/(h+H +3,) (1)
p, =w,H / coshkh 2

3, = (17 1 L)cothkh ©)
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where L is the wavelength ardis the wave number ofr@.. It is important to
observe that the formula was derived when the qunoé wave irregularity was

unknown.

o :i|l<]

—

4

......

////f/{iii))?///////
Px

Figure 2.8 — Wave pressure distribution by Sairiidarmula

In 1958 Rundgren carried out a series of model ex@ats and concluded that
Sainflou’s method gives good results for long amdsl steep waves, but it
overestimates the wave force for steep-waves. Rendfpen used and modified the
approach proposed by Miche (1944) and they devdlapmethod (Miche- Rundgren
method) that gives satisfactory results for steapes. The main and most important
aspect of the Miche- Rundgren approach is the iiefinof parametehy, which is a

measure for the asymmetry of the standing wavenar&WL.

2.2.3 Wave impact loads

Because of vertical breakwaters are massive stes;tthey do not seem to respond
to very short duration impacts so that the inciéeotcfailure appears to be relatively
low. Recent failures of vertical breakwaters in UKapan and Italy have

demonstrated that wave impacts may have consigeiafllence on loading and

caused catastrophic failures of several verticehkwaters. Hence, a good prediction
of the effect of impact loads is particularly imgort in the design of coastal

structures.
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The first wave pressure formula for breakwater giesvas published by Hiroi in

1919. The formula calculates the uniform pressistilution in the following way:

p=15w,H (4)

wherewy denotes the specific weight of the sea water ldnithe incident wave
height. This pressure distribution extends to tkeeation of1.25 Habove the design
water level or the crest of breakwater if the laiselower (Figure 2.9). Hiroi's wave
pressure formula was intended for use in relatiwigllow water where breaking
waves are the governing factor. It was acceptetdaspour engineers in Japan and
almost all breakwaters had been designed by thisidia until the mid 1980s.
Although this formula had been changed severalgimeorder to take into account
different aspects (application for standing wavesspures, introduction of the
concept of significant height, variations in wawripd and others factors), the total

wave force thus estimated was quite reliable oratiezage.

Figure 2.9 — Wave pressure distribution by Hirédemula

In 1950, Minikin proposed a formula for breakingwegpressure, which consisted of
the dynamic pressurg,@mand the hydrostatic pressurg This formula was the first
known one and then the most used, in Europe and, B84 in the light of the
present knowledge of the nature of the impact wavegs several contradictions and

it has been definitely denied.
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Presently, there are few design formulae for wawpaict loads (Goda, 1985;
Takahashi et al. 1994). Recent several resear@wesdhown that some methods are
limited and may over- or under- predict loadingsdiemimportant conditions. In
PROVERBS Project a new procedure has been progospredict impact loading
and associated load duration, including the eftéair content. Based on statistical
distribution of forces and theoretical considenasioderived from solitary wave
theory (Oumeraci and Kortenhaus, 1997), this procedenables to predict
horizontal impact wave force as a function of taktive rise timet The effective
impact force transmitted to the foundation is dejegrt on the dynamic response
characteristics of the structure and its foundatitven the applied force must be
corrected by these dynamic response characteriBésed on the analysis of almost
1000 breakers of different types hitting a vertinall, the simplified distribution of
impact pressure at the time where the maximum itfoace occurs is calculated by

means of four parameters:
1) the elevation of pore pressure distributipnabove design water level;
2) the bottom pressure;p

3) the maximum impact pressure\which is considered to occur at the design water

level;
4) the pressure at the crest of the structyrié gvertopping occurs.

The vertical pore pressure distribution inducedrbgact loading at the caisson front
wall is reported in Figure 2.10. The same stat$tprocedure enables to calculate

also the uplift force and the uplift pore presstisgribution calculated as follows:

2F

u,max

P, = ~ Pu 5)

where B; is the caisson widthF, maxis the maximum uplift force calculated for
impact conditions angy, is the pressure at the shoreward side of thetateicThe

pressurg, calculated in this way represents an upper boéindther upper bound is

Pu= Ps.
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4 SWL = Static Water Level
R = freeboard
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—

Figure 2.10 — Simplified vertical pressure digitibn at the caisson front wall
(Oumeraci et al. 2001)

Many breakwaters may experience significant statid dynamic loading on both
seaward and rear faces and many failures may aoealving a seaward motion.
The most likely mechanism for the generation ofjgadynamics loads from the
harbour side is the overtopping waves plunging ihi harbour basin behind the
breakwater. This mechanism has been proved by \ilawee tests and numerical
modelling based on pressure impulse theory. Thedwga physical understanding
of the generation mechanisms achieved by thes#gésyarticular important in the

design to avoid the seaward tilting failures duexoessive wave overtopping.

Numerical models represent a useful tool to stuy gressure impulse of a wave
impacting on a vertical wall. Neural networks caeo predict wave forces (Van
Gent and Van den Boogaard, 1998).

However, the maximum force and the duration of iotpaare still a matter of
discussion. In the meantime a designer shouldtawbid creating impact conditions
in front of the vertical breakwater. A study of tharameter map shows that impact
can be avoided by choosing the appropriate geon@trihe caisson and the mound
on which it is founded.
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2.2.4 Proposal of universal wave pressure formulae

According to Goda (1992), the difference between rtragnitudes of breaking and
non breaking wave pressures is a misleading one. ditsolute magnitude of
breaking wave pressures is much larger than oflmmeaking one but the height of
the waves breaking in front of a vertical wall Isamuch greater than that of non-
breaking waves. The dimensionless pressure injensitwH, therefore, increases

gradually with the increase of incident wave heigéyond the wave breaking limit.

The first proposal of universal wave pressure fdarfor upright breakwater was
made by Ito et al. (1966), based on the slidingdéa model section of breakwaters
under irregular wave actions. Then Goda (1973, L9rdsented another series of
formulas that, critically analysed and reviewed, ravdinally adopted as the
recommended formulas for upright breakwater degigdapan in 1980, instead of

the previous dual formulas of Hiroi's and Sainfleu’

Goda analysed many of successful and unsuccessiatwses realised in Japan and
came up with a practical formula that can be usedrtalyse the stability of a
monolithic breakwater. With his method Goda (19&Ss}ablished for all wave
conditions (standing and breaking waves, crest vaanketrough wave) the horizontal
force distribution along vertical structures aslIves the uplift pressure induced by
the wave action along the caisson bottom. The bafsihe Goda’s model is to
assume pressure distributions over the height amtihwof the caisson which,

integrated over the front face and underside, giugvalent sliding forces.

The Goda’s formulae are written as (see Figure)2.11

n" = 0.75(1+ cosB)AH (6)
p, = 0.5(1+ cospB)(ha, +A,a, cos’ B)ogH ©)
P =a5p, 8
Py =a,p, 9

p, =0.5(1+ cospB)A.a,a,09H (10)
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wherer is the water elevation above the still water leeelvhich the wave pressure
is exertedH is the incident wave height in front of the sturet B is the obliquity of
wave attack relative to normal to the structutg A, Az are multiplication factors
dependent on the geometry of the structure apdr, as a, are multiplication

factors dependent on the wave conditions and therwiapth given by:

sinﬂ4m5/ Lp)

)
_ U hhd) 12)

arn i, Y
a, =0.6+0. (11)

a, =mi :
3 H
_a (d+d Y, 1
%=1 ( h j(l cosrﬂzm/ LP)J (13)
a, :1—&: (14)
n

In the above formulahs is the water depth in front of the structukg,is the wave
length,d is the depth in front of the caissal,is the height over which the caisson

protrudes in the rubble foundation aRd is the minimum of the freeboak} and

the notional run-up elevation .

When the wave pressures are known, the wave fareegiven by:

1 ., 1
Fhcoda =§(pl +p, )R +§(pl +p,)(d +d,) (15)

1
I:V,Goda = E Py Bc (16)

in which B is the width of the caisson bottom. The upliftd®em may need some

corrections depending on the geometry and the giaes of the rubble foundation.
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The lever arms of the wave forces with respechéocentre of the caisson bottom are

given by:

R (p, +2p,)-(d +d,)’(p, +2p,)
3R (p, + p,)+3(d +d.)(p, + ps) (17)

Ih,Goda = d + dc +

B, (18)

With respect to the heel of the caisson, half efdhisson widtiB. has to be added to
lv.codaresulting inly coda= 2/3 B Using the expressions for the wave forces and the

lever arms, the total moment due to the wave fote@sbe calculated by:

+ Iv,Goda [ Fv,Goda (19)

M Goga = Ihcoda l Frcoda

These calculated forces and moment serve as inpsgveral limit state equations

describing the stability of the breakwater, thdt bé discussed in the next section.

'”F

Figure 2.11 — Distribution of wave pressure on pright section of a vertical breakwater
(Goda, 1985)
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From a theoretical point of view, the safety fadtwait Goda proposes is apparently
adequate, as long as one realises that conditidtis bseaking waves should be
avoided as much as possible. If this is not possiktensive model investigations
must be carried out, followed by a dynamic analysisthe structure and the

foundation, taking into account all inertial terms.

Although the Goda’s method is a valuable designhoubt field measurements of
wave pressures and hydraulic model tests (Oumetaadi, 1991) showed that wave
forces under pulsating waves conditions on manycsires were often larger than
the ones predicted by simple prediction methodss TaAn be ascribed to several

uncertainties generated from two main sources:
- the uncertainty of the maximum individual wave Hign a wave field;
- the model uncertainty in the Goda wave force model.

The distribution of individual wave heights in awesfield can generally be assumed
to follow a Rayleigh distribution, in which theres ionly one parameter, the
significant wave heighitls. Consequentlyi-y can be calculated as follows:

F, (H):l—e_z[ ) (20)

By considering the maximum wave height in a waeddfi the maximum horizontal

force is given by the following equation:
H 2
-2 —
Fu.(H)=|1-e & (21)

where N denotes the number of individual wavedhenwave field. For given values
of Hsand N it is now possible to derive the ratio betwéhe significant wave height
and the maximum individual wave height. The muitigiion factor present in the

Goda’s model appears to correspond to a wave Wigld 250 individual waves.
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As concerns the model uncertainties of the Godaevarce model, comparison with
model tests showed that the Goda’s model providesvarestimation of the wave
forces (Van der Meer et al., 1994).

Finally, in the Goda’s model, no detailed inforroation flows and pressures under
wave conditions can be obtained, nor can the infteeof certain parameters such,

for instance, the rock size of the rubble moundhftation be quantified.

Numerical models that can simulate the flow patterfront of vertical structures
and flows/pressures inside the rubble-mound fouodahight be able to overcome
such problems, although the development of a nwalemodel covering all relevant

aspects in detail is very complex.

In PROVERBS Project, two types of models have bepplied for simulating
relevant processes for vertical breakwaters. Intiddto numerical models other
methods exist to predict wave forces which makedliuse of results from physical

model tests.

2.2.5 General conclusions

Stationary and impact loads may cause damagelordaif vertical structure, so the
effects of these loads must be considered. Ins#gtion a brief procedure is given on
how to deterministically design a breakwater oregtigal wall structure. A number

of different prediction methods for wave forces wartical walls have been

developed. Most of these were born in Japan, KaneaTaiwan, where the problem
of impulsive breaking wave pressure is rather ligealt with. At present the site of
breakwater construction is moving into the deepatew Reliable evaluation of the
extreme wave condition is becoming the most impartask in harbour engineering.
Despite the amount of new knowledge generated, mesbarch work, respect to
different items, has still to be done. For somegoese or parameter it is not yet
possible to demonstrate that one particular meihodaore complete or more reliable
than another is. For such responses it is therefoportant to use engineering

judgement and experience to decide which givesnibst realistic result.
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2.3 Geotechnical aspects

2.3.1 Introduction

Only since a few years the soil mechanics is pagioge attention to the foundation

problems involved in coastal structures.

The traditional foundation design of vertical (s@is) breakwaters is based on
stationary equilibrium equations for sliding andedurning of the wave loaded
caisson, while the bearing capacity is accountedbfp comparing the stresses
transmitted into the foundation by the wave load threshold value associated with
the characteristic of the foundation material. Bagety factors against sliding and

overturning are defined by the following:
- sliding:S.F. =y (W-U)/IP=>2 (22)
- overturning:S.F. = (Wt-M))/Mp = 2 (23)

where y (usually equal to 0.6) is the coefficient of friet between the upright
section and the rubble mountlV is the weight of the upright section per unit
extension in still watertJ is the total uplift pressure per unit extensiorihg upright
section, P is the total thrust of wave pressure per unit msiten of the upright
section,t is the horizontal distance between the centrer@fity and the heel of the
upright sectionMy is the moment of total uplift pressure around hieel of the
upright sectionMp is the moment of total wave pressure around thed bk the

upright section.

In the above formula, the wave load is derived frequations such as the Goda’s
formula (1985). As described in the previous segtivith his method Goda
established for all wave conditions the horizoritate distribution along vertical
structures as well as the uplift pressure indugethb wave action along the caisson
bottom.

A recent practice in Japan is to perform a furthealysis of circular slips passing
through the rubble mound and the foundation, biisirtg the simplified Bishop
method. For the rubble mound, the apparent cohesion= 20 kPa and the angle of

internal friction of¢’=35" are recommended.
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Many good designs have been made in this way. Nesless, several foundation
failures occurred that could not be explained oa liasis of these conventional
stationary methods. This approach, in fact, dodstake into account the actual
processes involved in the wave-loaded-induced dymastructure-foundation

interaction and the associated mechanical behawiti@undation soils.

In Figure 2.12 the main geotechnical failure moétasvertical breakwaters have

been reported. It is possible to distinguish faffedcent failures:

1. sliding along the base;

2. bearing capacity failure in rubble;

3. bearing capacity failure in subsoil;

4. settlements by consolidation, creep or erosionnef grained soil.

Finally, repetition of events due to wave loads aederal storm may induce an
unacceptable deformation so that, even though afleré is not yet the case, the
breakwater looses its function. In several casesasgst to “stepwise failure” and
one load, not much larger than the previous loaay mduce sliding over a large

distance.

In the next Section an overview of soil investigai and soil parameters for
geotechnical characterisation of the seabed sgiresented. Then (Section 2.3.3)
several different phenomena, relevant in the gtreetoundation interaction, are

discussed.
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1) SLIDING ALONG THE i
BASE i

2) BEARING CAPACITY:
FAILURE IN RUBBLE

3) BEARING CAPACITY:
FAILURE IN SUBSOIL

4) SETTLEMENTS BY - = =
CONSOLIDATION,
CREEP OR LOSS OF
FINE GRAINS

Figure 2.12 — Main geotechnical failure modes ofival breakwater
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2.3.2 Soil investigations and soil parameters

The collection of soil data for a new breakwatenamns information about the
seabed soil where the breakwater has to be builtiaformation about quarries

capable to deliver construction material (rockfill)

After a feasibility study with the analysis of thaevailable documents (soil
investigations, geological history, etc.), a setsnsurvey, covering the area

influenced by the structure, should be performearder to obtain the seabed profile.

Geotechnical characterisation can be performed bgns of the traditional in situ
tests as CPT tests or, preferably, CPTU testsmwiéhsurements of pore pressures. In
cohesion-less soils SPT's are preferred. During dlesign phase specific soil
parameters are needed for models. So, boringsswitrsampling and classification
tests (determination of grain size distributioni] siensity, water content, Atterberg
limits, relative densities and so on) are particutgportant. The sampling and the in
situ testing depend on factors like water depth/enend wind conditions (Andresen
and Lunne, 1986). If the water depth if less th@n4® m and the wave and wind
conditions are not too severe, the operations eazalried out as on land by using an
ordinary drilling rig from an anchored barge ortfdam. If larger water depths or
severe water and wind conditions characterise itee ‘®ffshore” type operations
may be required. More detail can be found in Luand Powell (1992). In general,
several types of soil samplers exist and the typeich gives the least sample
disturbance, should be used. Piston samplers arkinssoft to stiff clays, while, in
dense sand, where it is not possible to use pssaorplers, hammers samplers can be

useful.

The determination of the subsoils geotechnicalrpatars can be achieved by means
of traditional laboratory tests (triaxial testsiedit simple shear tests, oedometer tests
and permeability tests). A different approach labd used for rubble mound layer.
The friction angle of rubble, for instance, canhetdefined for triaxial compression
but different procedures can be used (Barton arakidsli, 1981; CIRIA 83/CUR
154, 1991). The Young's modulus E for the rubblgetais not always easy to
evaluate; in fact, even though the material is Igwary stiff, the rubble layer may

be greatly compressible because of the lossy ioerction of the gravel established
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during the placement of the material. For perméghaf rubble in which turbulent

flow may occur, Forchheimer proposes the followaugiation:

i = Av+ Bv? (24)

in whichi is the hydraulic gradieny, is the “seepage velocity” aridandB can be
estimated from a representative grain size and pihr@sity with the following
equations (Van Gent, 1993):

_ 2
PR 3n) o 1 (25)
n gDEQZ
g=plnp L (26)
n gDEQ

In (24) e (25)a = 1500 andG= 1.4, at least for fairly uniformly distributed neaial,
n is the kinematic viscosity of the water #M1.0° m?s), Dgo = {6s¢/(Tp)} > and
Msp is the median stone madde permeabilityk can be finally obtained from the

Darcy equation = k4J, using a linearisek value.

2.3.3 Relevant phenomena in the structure-foundationacteon

A good design of a vertical breakwater requiresoadgknowledge of the main
phenomena involved in the structure-foundation ratgon. In the PROVERBS
Project four groups of phenomena are distinguishkedmportant in the structure-

foundation interaction:
- phenomena related to thdyhamics;

- phenomena related to the mechanism aistantaneous pore pressutes

developed in the foundation;
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- phenomena related to the mechanismreéitiual pore pressurésn foundation

and consequent degradation of soil ;
- phenomena related to thimstability” of structure.
All the phenomena are strictly interrelated.

Dynamics phenomenaave to do with the influence of the inertia ofliveand added
masses on the loads to the foundation. They ateplar important during the wave
impacts in which the duration is rather short arayroring a significant influence of
the inertia of the wall. In such a situation thd san accelerate along with the wall
and the load to the foundation differs from thedldbat would occur if a stationary
hydraulic load, with the same peak value, woulduoctn order to take into account
dynamic phenomena, Oumeraci and Kortenhaus (1994 imtroduced a “dynamic
load factor”y_ that multiplied by the peak of hydraulic load be tcaisson walFgyn,
max Yields the equivalent stationary lodel,, to the foundation. This value can be
estimated if the foundation is simplified to a systof linear elastic springs. In a
mass-spring model isolated caissons dynamics cargresented by a mass, spring
model where contributions to mass, stiffness andpdiag are partially due to rubble
foundation, subsoil and seawater. As a rigid bodgre caisson has 6 degrees of
freedom (3 translation and 3 rotations). If the daydic load F (t) with peak value
Fayn,max IS known, the equations of motion can be solvede Dutcome is the
oscillating horizontal motion i), the oscillating vertical motion x(f) and the
oscillating rotation g(t). The maximum values ofid), o(t) and g(t) correspond to
the maximum elastic load to the foundation. Theadyit load factor can then be
found by calculating the stationary loagl.fthat yields the same maximum values
for ou. Then K= Fstatequand i can be calculated.

The concept of equivalent stationary load is basethe assumption of linear elastic
response of foundation and no plastic deformatibthe resulting foundation load
approaches to the foundation strength, these assuapare not realistic: the soil
stiffness reduces considerably and simultaneoushgiderable plastic deformation

takes place.

Within the PROVERBS Project a number of dynamic eletave been developed

and implemented based on large-scale model te¢@ugneraci and Kortenhaus,
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1994; Oumeraci et al. 1995; Kortenhaus and OumerdaéB7a), prototype
measurements (Lamberti and Martinelli, 1998a,b) ancherical modelling using

more sophisticated FE-Models (Hdlscher et al., 1998

Hydraulic and model testing have shown that wavgpaich loading induces both
oscillatory motions and permanent displacementss fdguires the development of
models which can predict both kinds of motions. Téyetitive wave impact loading,
in fact, may lead to degradation and cumulativemagrent displacements which
induces stepwise failures before the collapse ef structure. In order to better
understand such a behaviour, both elastic andiplasidels have been applied to
reproduce some prototype failures (Oumeraci et 295) which could not be
explained by existing standard design formulae @modedures. In this approach the
developed plastic models can reproduce the curwalgiermanent deformations
related to the sliding failure over the rubble fdation as well as to the bearing
capacity failure. In fact, the displacement indutgda single impact might be too
small for the overall stability, but the cumulatieéfect resulting from repetitive
impacts may yield the collapse of the structuree €lastic models are rather used to
predict the dynamic amplifications effects of lo@aa@nsmission into the foundation
and to identify the most relevant oscillation mqdasluding their associated natural

periods.

According to Oumeraci et al. (200ipstantaneous pore pressui® pore pressure
fluctuating during each wave cycle, caused direylywave-induced fluctuations of
the water pressures along the seabed and indirbégtlyhe movements of the
structure. Such a mechanism of pore pressure has ibeestigated by means of
large-scale hydraulic model testing (Oumeraci gt1#194, Kortenhaus, 1996) and an
extensive program including theoretical analysisl &#EM calculations with non
stationary two phase flow (Holscher et al.,, 1998ld measurements at Porto
Torres breakwater (Franco et al. 1998) have beatysed by means of stationary
flow and FEM-simulations. Extremely high positivedanegative pore pressures
have been observed in the sandy subsoil duringifteyg modelling (Van der Poel
and De Groot, 1997). These results are analysddtail in Chapter 3.

Instantaneous pore pressure can be generatedbte ridundation as well as in the

subsoil. In general, the drainage conditions oiftation depend on the wave load
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period Tw) and on the so-called “characteristic drainageiopérof the soil
(Tchar,praN- The load duration is equal Tdszfor pulsating wave loads and tipfor
wave impacts. According to De Groot et al. (200khar,praniS mainly determined

by several physical phenomena, depending on the wag soil characteristics:

1. spatial variation of the pore pressure induced patial gradients of water
pressures along seabed and boundary of rubble &iondand by spatial

variation of flow resistance;
2. inertia of pore fluid and skeleton;

3. elastic storage in the pores through compressidndacompression of the pore

water;

4. elastic storage in the pores through variatiorhefgore volume due to isotropic

compression and decompression of the skeleton;

5. elastic storage in the pores through fluctuationttud pore volume due to

contraction and dilation phenomena induced by tieasstress variations.

The first phenomenon is relevant in most cases @nd a quasi-stationary
phenomenon. The others four phenomena are noossayi and in these cases the
expression follcpar praindepends on the prevalent phenomenon, amongst tine fo
that characterises the boundary conditions. Heitcwjill be the largest of the

following periods:

2. TsounalS] = A/, where G, [m2/s] = the smallest value of;andc,,

Co1= V{KW/N+K+4/3G)/(ngy+[1-n] @)} (27)

Cp2= V(Kw/ ) (28)
3. Tespls|=ATc,  where Gplm7sI=k- K/ () (29)
4. TesolS|=ATc,,  where Gqlm7s] =k - (K+4/3G)y, (30)

5. Tesols|=ATcy  where cglm7s]=k- G/ (tany- k) (31)
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TcharpraNIS defined adsoungif the wave pressure variation through the fouradati
can be described as a sound wave, which meanstib&fsoil-water mixture can be
considered as a one-phase material. This condgiamet either if both phases move
together (“no-drainage”), as occurs with fine-gelmmaterial, or if the water phase
moves alone, as occurs with very coarse mateman(plete drainage”). In the first
case the sound propagation velocity can be exptease,: (nf/s), while in the
second case it is expressed:@$mz/s). If non-stationary phenomena characterise the
boundary conditionsTcrar,orainWill depend on the values ofy, Gis, o, Which are
the consolidation coefficients for elastic deforimat In the above expressiols is
the compression modulus of the pore wakeiis the compression modulus of the
skeleton,G is the shear modulus of the skelet@nis the permeabilityyis the
dilation anglen is the porosityps is the density of the skeletom, is the density of
the water andy, is the water specific weight. In all the expreasié [m] is the
characteristic distance (e.g. drainage distangar lthickness or depth of rupture
surface).

In the rubble foundation, because of the charatierdrainage period is very short
compared to the wave period, in many cases a gtetsdnary flow can be assumed.
The water pressure along the seaward slope fletudtring any wave cycle,
whereas the water pressures at the harbour sidainmenearly constant. The
corresponding fluctuating pressure gradients cauflactuating pore flow through
the rubble foundation and simultaneously fluctugatpore pressure in the rubble
foundation. According to the quasi-stationary apptg pressure gradients are
assumed to be completely balanced by flow resistancach phase of the wave
cycle and no storage of water occurs in any pathefrubble foundation. Tests on a
large-scale vertical breakwater and measurementforpeed underneath the
breakwater in Porto Torres have shown that thisostary approach is reliable for
pulsating wave loads during wave crest and wavegtip unless the rubble
foundation material is very fine. As previously &iped, Goda (1985) assumes a
triangular pressure distribution along the bottond ahydrostatic distribution in
vertical direction. However there are several phegwa that may cause deviations

from this distribution:

- effects of locally varying grainsizes;
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- non-flat top of the rubble foundation leaving spammlly underneath the caisson

bottom;

- flow concentrations around the corners and loweizbatal gradients at lower

levels;
- phenomena of turbulence around the corners;

- effects induced by the apron slabs if they arequatirectly adjacent to the wall

and do not have large holes in it.

Consequently, often the pore pressure distributitimg the base of the caisson

deviates from triangular distribution (see Figurg3}.
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Figure 2.13 — Examples of non-linear pore presdistibution
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If the characteristic drainage period is largemtki@e duration of the wave load, the
effects of non-stationary flow in the rubble foutida can be significant during
wave impacts. Analyses and performed tests havevrstibat the non-stationary
effects induced directly by water pressure varratid the sea side may enlarge the
uplift force with up to 30% compared to the valoerid with stationary flow. Such
effects are the largest if the impact has a veoytgituration, if the width of the wall
is large, if the gas content in the pore waterlss éarge and if fine grains are used
for the rubble foundation. The indirect effect afnastationary flow, due to the
movements of the structure, is the reduction ofeppressures when the wall is
suddenly lifted up and water is forced to flow inke additional room. In this case,
the same above mentioned tests have shown thafféw is the largest if the impact
has a very short duration, if the width of the walllarge, if the stiffness of the
skeleton is limited and if fine grains are usedtfe rubble foundation. Then, more
than 30% reduction of the uplift force can be fowatdthe moment of maximum

impact load.

The flow in the subsoil usually has a different ralaéer from that in the rubble

foundation. In this case, in fadicharprainiS Often larger than the wave period due
to the lower permeability, at least for the largalues of the characteristic distance
drainageA. Hence, at great depth undrained conditions mayrodn this region the

pore pressure fluctuations and the effective sfitastuations are mainly determined
by the total stress fluctuations at the boundargreld the instantaneous flow
velocities of the pore water may be neglected &edapproximation to one-phase
material is justified to find the total stress dtstition. The total stress fluctuations
are caused by the wave passing over the seabedhandave induced moment

transferred from the wall via rubble foundatiorthe subsoil. These fluctuations can
be found from stationary calculations with a homegmus elastic medium. Such
calculations yield two relevant results: the flattans of the mean total stress and
the fluctuations of the shear stress. Both fluetwat are very strong with high wave
attack, especially underneath both edges of thectsire. The fluctuations of the

isotropic total stress are partly distributed te #keleton and partly to the water,
depending on the ratio of the stiffnesses. If theepvater would not contain any gas,

the pore pressure fluctuations would be practicadjyal to the vertical variations.



Behaviour of vertical caisson breakwaters underesiaduced cyclic loading 35

The mean total stress variations can be calculasea function of the vertical total
stress variations at the upper boundary of thealls first approximation can be
found assuming the vertical total stress at thentaty varying like a sinus with
wave length L. The vertical total stresses at tagedepth have the same behaviour,
with an amplitude reduced according to a negatixporential function with a
characteristic lengthL/27z The mean stress variations cause compression or
decompression of the soil inducing an increaseearehse of the mean effective
stress and the pore pressure proportional to geative stiffnesK andKy/n. The
wave load to a caisson causes a monMntwhich the caisson transfers via the
bedding layer to the subsoil. This moment causemenease in the vertical stress
underneath one edge of the caisson and a decredsethe other edge. The vertical
total stress variations directly underneath thesmm bottomAg; (x,0) are assumed

to vary linearly over the caisson widy, as in the following equation:

M
B2 /6

c

Ao, (edges) = + (32)

The vertical stress variations reduce with depththees moment transferred from
higher layers to lower soil layers. The reductiothvdepth will be according to a
negative exponential function:

M 1
A d =t 33
7, (edgesz) =+ B2/ 6 exdzr/ B,) (33)

If the horizontal total stress variation is assumsathller than the vertical one, the

mean total stress variations will be also smaddg,:

Aof(total 2) = (4o, + 40, + 40,,)! 3= 0.7540,(2) (34)
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These mean total stress variations are partly mebdse pressure variations and
partly by the skeleton, depending on the ratiohef stiffnesses of pore watd€,{n)
and skeletonK). This yields to the following equation:

K K M 1
d =0.75—*— 40,(z) = +0.75—
u(edgesz) K, +nK a,(z)=+ K, +nK B?/6 exdzr/ B,)

(35)

A triangular region with its top at the edge of ttesson bottom is assumed in
between the region right underneath the caissontladegions adjacent toe the
caisson. Seaward of this region in front of theakveater high total stresses are
present at wave crest due to the wave load. Arlimeaation of the pore pressure in
this region is assumed. An example for the casegbily incompressible pore water,
Kw/(Kw+tnK) = 1, is presented for wave crest in the scheme ofrEi@ul4. Wave

parameters, structure geometry and soil charatitsrigre reported in Tables 2.2 and

2.3. The meaning of the symbols in Table 2.2 has lexplained in Section 2.2.

H1/3 (m) H max(m) T1/3 (S)
WAVE PARAMETERS
5.8 8.0 11.4
B: (M h(m h'(m d(m h: (m
STRUCTURE ¢ (M) (m) (m) (m) . (M)
GEOMETRY 175 | 101 | 71 5.6 3.4
F Fu My, My
FORCES AND (kParm) | (kPa:m) | (kN/m-m) | (kN/m-m)
MOMENTS
1527 606 16067 7065

Table 2.2 — Wave parameters, structure geometnaaetinlg forces and moments
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SANDY SOIL
K m/s 10
Kw MPa 1000
K+4/3G MPa 100
N (%) 40
W O 10
Cp = K KJ(NK) me/s 25.00
Cys = k- (K+4/3G)ly, m%/s 1.00
= k-G/(tany* i) m’/s 6.81
Tenar pran™ Tess Seconds

Table 2.3 — Soil characteristics ahglhiar prain

depth (m)

Pore pressures variations with depth (edge caisson)
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Figure 2.14 — Pore pressures due to mean totakstegiations
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The shear stress variations may cause both inageasidecreasing of instantaneous
pore pressures in the subsoil. During continuowsashg of drained sand or silt
usually first some contraction occurs then dilatiom undrained conditions that
dilation causes negative pore pressure. Assumsitgar stress due to the wave load
equal to:

Fh
r(e)= B, [exdz77/ B,) (36)

the following negative excess pore pressuiefound:

F. tany/

4T B, exd{z77/ B,)

(37)

The pore pressure reduction continues as longeexisly continues until the end of

the dilation or until the absolute pore pressurzei®.

The mechanism of instantaneous pore pressureseleasckearly observed during the

centrifuge tests performed at GeoDelft and it idlIstudied in Chapter 3.

A prediction of instantaneous pore pressures indwaor silty soils is rather
complicated and affected by several uncertaintiesroduction of these pore
pressures, highly varying along any potential regpsurface, is very complicated as

well.

Development ofresidual pore pressures strictly related to the cyclic loading of
clay, silt and sand, causing a change of the @ffeshear strength and a reduction in
the stiffness. In undrained conditions, if sandysitty soils are loaded by varying
shear stress induced by wave action, varying expess pressures are observed,

caused by an elastic volume change of the skel&bear stress variation may also
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induce a non-elastic change in the structure of gkeleton, usually a volume
decrease and hence a residual increase in excespmassure after unloading. This
increase adds to the increase from previous shezsssvariations if these excess
pore pressures have not dissipated by drainags. mibans that the duration of the
cyclic load history is shorter than the drainagpacity of the soil. The gradual
accumulation of pore water pressure resulting fttv sum of instantaneous and
residual pore pressures, if positive, will causeeduction in the effective shear
stresses in the soil with consequent reductionhias strength and stiffness. The
degradation effect will depend on the magnitude andhber of stress reversals
(wave load history) and on the drainage conditiasswell (soil permeability,
compressibility and drainage distance). The sheangth is further dependent on
whether the soil is contractive or dilative durthg shearing under the extreme loads
and whether this shearing takes place under draipadly drained or undrained
conditions. If the soil is dilative and saturatedidoaded in undrained conditions, a
negative pore pressure will develop that will regula higher shear strength than for

drained conditions.

When the pore pressure dissipates, sandy soilgierpe drainage during a storm,
depending on the permeability and on the drainagelitons. Laboratory tests and
monitoring experiences of a real vertical caissoeakwater (see Annex IlI) have
shown that the soil structure and the resistandeirtber pore pressure generation
may be significantly altered when the excess paessure due to cyclic loading
dissipates (Bjerrum, 1973; Andersen et al., 197@&jtS and al., 1978). Cycling

loading with subsequent pore pressure dissipasioaferred to as “precycling”. The

beneficial effect of precycling phenomena occurdeding smaller storms prior to

the biggest storms has been observed for vertigasan breakwater of Civitavecchia
(Grisolia and Maccarini, 2004).

Clays will be undrained during a storm and alsoirdurseveral storms. Several
experiences have shown that normally consolidatet! lightly overconsolidated

clays will benefit from precycling.

Significant residual pore pressures may usuallyupdt layers of fine, loose or
medium dense sand, interrupted by silt or claygers are present underneath the

wall bottom. If a homogeneous sandy layer chareseterthe soil foundation, hardly
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residual pore pressures are observed. This islglebserved during the centrifuge

tests performed at GeoDelft and discussed in Ch&pte

Andersen (1976) developed a method to determinerdéisedual pore pressure
accumulation caused by cyclic loading. The meth®dased on the use of pore
pressure contour diagrams. The diagrams shouldtdespecific, but relevant test
data from a developed Database (Norwegian Geotemhhmistitute, 1998) may be
used.

The last phenomenon considered relevant in thetsmerfoundation interaction in
the PROVERBS Projects regards thstability of the structure.

When the stability analysis of a vertical breakwaseperformed the equilibrium of
the structure is given by the equilibrium of thedements: the wall, the part of the
rubble skeleton above/to the harbour side of thture surface and the part of the
subsoil within the rupture surface. The equilibritmiows if all the volume forces
acting on these three elements are taken into atemu all the surface forces acting
along the boundaries of the three elements. Iftenovery practical to consider the
equilibrium of the wall separately from the equiitbn of the soil (part of the
skeleton of the rubble foundation and part of thiessil). This means that the force
acting from the wall to the skeleton of the rublid@&indation must be found as
resultant from the other forces acting on the wallese forces are the weighj
(reduced for the buoyancy), the horizontal excestemforce along the front wah,
and the vertical uplift force from the excess ppressures in the rubble foundation
F.. Taking into account the eccentricity of the weighand the level armky and
Iry, the resultant force acting on the skeleton of theble foundation can be
expressed with three parameters: the horizontal pooent F,, the vertical
component g — Fy) and the distance of this force component to taddur side

edge,B/2. The value oB; follows from the following equation:

Fg(; Bc +ecJ_Fh|Fh _FulFu
B,=2
F,-F

g u

(38)
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The resulting horizontal seepage force in the mibbundationFy, can be found
with the assumptions of triangular pressure distiim in horizontal direction and

hydrostatic distribution in vertical direction. Bhyields to the following expressions:

h (2B, —h, / tand)
B P,

c

F, = for B, = h/ tan® (39)

_ B’tang 0
hu ZB u

C

for B,< h./ tan® (40)

where@is the angle between the bottom of the wall anddip¢ure surface.

A schematisation of the soil load is reported iguFe 2.15.

|
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—
i

Bc/2 | Bc/2

D[Ure\
Surface

Figure 2.15 — Schematisation of soil load
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For a good analysis different sub modes of failuhesing wave crest, should be

considered (see Figure 2.16):

a) sliding of the wall over the foundation;

b) rotation failure;

c) rupture surface through rubble only;

d) rupture surface through rubble and along top o§silip

e) rupture surface through rubble and subsoil.

All the failure modes, excepted the first one, lagaring capacity failures.

Within the PROVERBS Project limit state functiorg, (&b, G, G andge) for these
kinds of failures have been developed. The equagion O describes the critical

condition. The functiong, andge are derived from Brinch Hansen (1968).

For seaward failure the same equations and appatixins of the harbour-side

failure can be used.

Bz/2 : Bz/2
SWL
__________ F.—F, T
g q b

nnnnn

rubble

p
0%0Y0Y0%0Y0Y0Y0 000 0o oY S o

oo o =n=n"nonlnlnAYAYAY A Rl en

subsoil

Figure 2.16 — Main failure sub-modes for whichetahit equations are available
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The described limited state equations, howevere hanany limitations: limited
number of rupture surfaces, prescribed shape sktkarfaces, not consideration of
dilation effect. Numerical models constitute a dadilternative. One of the most
common types of numerical models is that for sligle analysis according to
Bishop. They can be applied to vertical breakwaserd present several advantages
as the possibility to represent complicated laygrito model complicated pore
pressure distributions, to perform many calculaiam a short time. On the other
hand, only circular rupture surfaces can be schisathtand also in this case the

positive effect of dilation cannot be taken inte@uant.

Some finite element codes also allow for the madnlgllof the pore flow or
introduction of the pore pressure distribution. ikportant part of modelling regards
the constitutive model of the soil that should leeyvsophisticated. This aspect will
be discussed in Chapter 3.

2.3.4 Possibilities for design improvements

Within the PROVERBS Project several possibilities the improvement of the
design of vertical caisson breakwaters have beso ahalysed. They regard the
variation of design parameters if rubble foundai®mpresent or if the caissons are
directly placed on sandy or clayey subsoils. Variat of the geometry and the mass
of the wall in order to increase the bearing cayaafi the structure have been taken
into account. Soil replacement and soil improvenmavie been also considered if too
soft clay or silty sand are present, with the rigkthe generation of considerable
residual pore pressures. Densification of the s@ndoften needed to avoid
considerable settlements after construction causgdhe wave-induced cyclic
loading and to avoid the risk of too high residpakre pressures during extreme
cyclic loading. Several soil improvement technigyesxing with cement, stone

columns, etc.) could be considered as well.

2.3.5 General conclusions

In this Section an overview of the foundation aspet vertical caisson breakwaters

has been presented. An important reference posibkan the PROVERBS Project,
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in which new knowledge and considerable improvesémnatve been achieved with
respect to the mechanisms responsible for geotemhfadilures. However, several
uncertainties still characterise the design of éhstsuctures and further research is
needed. This regards, amongst several other thithgs,development of more
advanced dynamic models, the achievement of a goediction of the effect of
extreme wave impact loading, the introduction ia tlesign procedure of models for
instantaneous pore pressures, the extension oti¢leloped tools to the three-

dimensional effects.

2.4 Structural aspects

2.4.1 Types of reinforced concrete caissons

Beside the hydraulic and the soil mechanic aspdutscoastal engineering has also

to consider the structural design aspects of acedtaisson breakwater.

Amongst the generic types of (reinforced) concredéssonsplanar rectangular
multi-celled caissonconstitutes one of the more common shapes for racake
breakwater. A typical structural arrangement igsiitated in Figure 2.17. This form
of caisson typically comprises 8 different typesazfd-bearing elements: 1) the front
wall; 2) the rear wall; 3) the side walls; 4) tideirnal walls; 5) the base slab; 6) the
top slab; 7) the crown wall; 8) the shear keys @atays present). The planar front
wall in this class of structure reflects the incitlavave. Figure 2.18 represents
perforated rectangular multi-celled caissonEheir main peculiarity is to create a
more still sea state in front of the structure, ttueeduced reflections. The relative
area of the perforations with respect to the tistait area typically lies in the range
25 to 40%.

Circular-fronted caissongepresent an interesting alternative design tlmatndt
require such large wall thickness as rectangulesoas because the external wave

pressure is transmitted to the foundation by im@laompression rather than flexure.

The general tendency in these last years is totaudpid caisson forms to realise
breakwater optimising the design solution. On thieo hand, different aspects

influence the selection of a suitable caisson tigpea breakwater. Geomechanical
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and hydraulic conditions will typically dictate tlowerall dimensions and geometric
form of the structure. For example, the frictionegistance which can be mobilised
at the foundation-base interface (to prevent rimdy sliding) will control the width

of the base slab, the height of the structure bdgllinfluenced by the tidal range and
the maximum wave height to be resisted without @@pping. Geomechanical and

hydraulic factors are also significant.

Figure 2.17 — Example of isometric view of one-luila caisson

Figure 2.18 — a) Part of a perforated rectangwdé&son; b) Typical

perforation arrangement
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2.4.2 Geomechanical and hydraulic aspects relevant testhectural response

Severalgeotechnicalaspects have to be taken into account by strdctmgineers.

These regard, for instance, the characteristicshefgranular fill in the cells to
calculate the internal earth pressure on the caissalls or the elasto-plastic
properties of the foundation that influence thaitiral dimensions and dynamic

response of the front wall.

The horizontal pressure due to the granular filthe cell is calculated as a upper

limit, using the coefficient of earth pressureestr with the following equation:

g, =06p,[lglz (41)

where g is the soil density (saturated soil density if maidage is present in the

cell), g is the gravity acceleration aads the height of the fill.

As concerns the characteristics of rubble foundagiod subsoil, actually a complete
analysis of the dynamic soil-structure-fluid intetfan would necessitate inclusion of
a realistic elasto-plastic constitutive model foil,sable to simulate sliding and loss
of contact at the caisson base-foundation interfawe the transport of pore fluid
within the soil skeleton. Such a detailed analyisisnot normally done and a
simplified approach attempts to choose reasonalees shear moduli and Poisson’s
ratios to enable isotropic, linear elastic soil misdto be used (Wolf, 1994).
Although these elastic constants are difficultstreate, the following relationship is

usually assumed for the rubble mound shear modulus:

G =G,4/0,/0.1 MPa (42)

whereGy lies in the range 20-100 MPa aadin the effective vertical stress.
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From anhydraulic point of view, in order to design the wall thicleseand percentage

of reinforcement required for the front face of ancrete caisson, a realistic
assessment is necessary of the distribution, matmiand duration of the pressure
loading resulting from a wave impact associatedhitparticular return period. In

the Section 2.2 the state of the art as far as waessures on vertical breakwaters
has been described. In a preliminary analysis, htwézontal pressure should be
assumed to act along the entire length of one @aisssuming a normal wave attack
on the front face. Using Goda’s formulg®, ps and ps characterise the pressure
intensities at the mean water level, base of th&soa and top, respectively. In the
case of very short duration impact, the pressus&ilution does not appear linear
over the height as the peak intensity is local®est a small region. The magnitudes
of pressures may be estimated from the formulage (8)) and (9) described in

Section 2.2. Finally, another important hydraulgpect should be considered by
structural engineers regarding the overpressuretopn slab and superstructure

resulting from overtopping and water slamming damito the upper surface.

2.4.3 Loads acting on the caisson

The main loading during the in-service life are gemanent loadsesulting from
the dead weight of the structure and the supetstei@s well as the horizontal soil
pressure from the fill inside the cells and frone loundation reactionyariable
loads arising from changes in the water level, from ptilgg and impact loads and
overtopping wave loads as well as the harbour itrdffads; accidental loads
resulting from vessel impacts during mooring anding@ masses during cargo

loading/unloading operations.

2.4.4 Failure structural modes

One of the most critical loading conditions to whig caisson is subjected concerns
the phases of transportation and placing of thesoai itself. The act of floating and
towing the caisson introduces a different set atde on the structure. This can
induce, during the pre-service state, an uncoetolsinkage during transport,

cracking or collapse of bottom slab or walls durilogting stage, collapse of bottom
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slab due to placement on an uneven bottom. Préeselvading cases and failure
modes might in some circumstances be even morearglehan those under in
service conditions. Consequently, detailed desmjoutations have to take account
of such pre-service limit states. This has beenieaed for the first time in
PROVERBS Project, within a full probabilistic framerk.

Once in service, the failure of concrete caiss@akwaters may be the result of both
large-scale rigid body translation of the struct(dee to global sliding at the base-
foundation interface or rotational collapse of thendation) and local rupture in the
structural elements. The progressive loss in stratintegrity may start by chloride
ingress in the splash zone of the face of the bvatde. Continued corrosion can
result in a loss of bond, reduction in steel cresstional area and weakening of
anchorage. All these mechanisms can further wettiemeinforced concrete cross-
section and the wall may rupture under repeatethsimading. A regular programme
of inspection, diagnosis and repair may prevenh suprogressive deterioration. For
the prediction of concrete degradation limit sedgations have been formulated to
describe chloride penetration/corrosion and cragkiluring pre-service and in-
service conditions. This will not only help to preidpossible local structural failures,
but also to set up a proper strategy for monitgringpection and maintenance. On
the other hand, local damage to the sea wall willimmediately lead to a critical
failure situation and in many cases the structuag go on to provide years of active

service before a collapse state is approached.

Before individual structural elements are desigrikd,load paths must be identified
and the basic global structure action understo@hc, particularly important is the
analysis of the role of each structural member afudti-celled caisson in order to

understand the transmission of the wave forcesutfiraall these members to the
foundation. These enables to use simple structooalels based on the behaviour of
the individual members for preliminary design andhave a first idea on the load
transmission and structural behaviour before usinge sophisticated FE-models for
full 3D dynamic analysis. The latter demands sigaiit computer resources and, for
this reason, simplified approaches based on thensss behaviour of individual

elements are still used in the preliminary desigges.
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2.4.5 Design codes

At present no single code of practice exists wlegblicitly covers the complete
design of the reinforced concrete elements formemgcaisson breakwater.
Conversely, a few codes have been developed fatdbign of marine structures and

designers are therefore forced to gather informdtiom a variety of sources.

The following five codes constitute the more relgveodes for the European coastal

engineers:
1) ACI 318-5 Building Code Requirements for StructuCaincrete, USA

2) CEB-FIP 1978Model Code for Concrete StructuregSomite Euro-International
du Beton;

3) EC1 Part 1 and EC2 Parts 1 an&RV 1991 Eurocode 1, Basis of Design and
Action on Structures, Part 1 Basis of DesggmdENV 1992 Eurocode 2, Design
of Concrete Structures, Part 1-1 General Rules &des for Buildings,

European Standardisation Committee;

4) BS 6349 Parts 1,2 and British Standard Code of Practice for Maritime
Structure UK;

5) ROM 0.2 90 Maritime Works Recommendations: Actions in the @respf

Maritime and Harbour WorkdMinisterio de Obras Publicas, Spain.

The first three codes focus on the material andteese parameters and offer a
strategy for safely designing simplified structucaimponents. Each code specifies
different load factors, which should be used totiplyl the various characteristic
load intensities in order to finally arrive at tbesign load. None of these first three
codes provide information on how to calculate thegnitude and duration of wave

loads acting on a vertical breakwater.

The last two codes give very general guidance @ glanning and design of
maritime structures, without specific referencettte design of reinforced concrete
sections or structural modelling techniques. Alsthis case there is not any advice

on the determination of the characteristic andgiesiave load.
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2.5 Probabilistic aspects

From the previous sections it is evident the comipleof the problems related to
breakwater stability and design and the importaoicéhe stochastic nature of the
processes involved in the wave-structure-foundatiteractions, as well as the large
number of possible failure mechanisms and their pler interaction. This
necessarily prescribed the use of probability-basealysis methods as the more

correct alternative for the design.

The most important difference of probabilistic dgscompared to the deterministic
design is that with probabilistic design it is pgbss explicitly to take account of
different uncertainties involved in the behaviotititee considered structure. Doubts
are related to the natural boundary conditiongh®scarcity of information of the

natural environment, to the quality of the struetand so on.

As described in the PROVERBS Project, in the Taskrobabilistic Aspects, the
first step in a reliability analysis of any strueus defining its functions and define
the ways in which failure modes of the structure @gcur. In a deterministic
approach the limit state equation is used to mddettioning or failure of the

structure. Several uncertainties are generallytedldao the input of the limit state

equation (Vrijling and van Gelder, 1998).

With regard to vertical breakwaters, there are weays in which a breakwater
might fail to fulfil this main function, essentiglirelated to the action of wave
energy. For all limit states except wave transrarssthe loading is given by the
wave forces exerted at the breakwater. Within PRRBE Project, extensive
research has been directed to this aspect of begakwesign. The models used can

be categorised in three types:

1. Load models describing quasi-static (pulsating) eviorces;

2. Load models describing dynamic (impact) wave farces

3. Decision models, indicating what type of load masteuld be applied.

In reality, the input to these models (water levelsve properties) is of random

nature. A general vertical breakwater will therefexperience quasi-static loads as
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well as impact loads during its lifetime. The distition function of all the wave

forces exerted at the breakwater is written as:

P(F < f)= P, .. P(F < fmpact)+ (L~ P, ..)P(F < f[noimpac)  (43)

where:

F is the wave force modelled as a stochastic vajabl
- Pimpactis the probability of occurrence of impacts;

- P(F < f| impact)is the distribution function of impacts loads, diional on the

occurrence of impacts;

- P(F < f | no impact)is the distribution function of pulsating wave des,
conditional on the occurrence of quasi-static lp&dg. obtained by the model of
Goda (1985).

Geotechnical failure modes have been also takendntount in the probabilistic
design approach. Limit state equations for prelanyndesign are adopted as the
standard form of modelling the foundation. Nexthe stress level, the strength of
the foundation is primarily decided by the propestof the soil (friction angle and
cohesion, e.g.). An overview of the input for theil snodels as well as the
uncertainties related to the soil properties aps@nted. Furthermore, a comparison

with other levels of modelling is discussed.

Like the modelling of foundation, also the struetudimit states of vertical

breakwaters can be defined on different levelphsstication.

Within the framework of PROVERBS Project, probatiiti tools, prediction models
and associated methods to quantify the uncertaintieolved in the models and
input parameters have been developed. Furthermaopartial safety factor system

(PSFS) has been developed on the basis of a dbpilistic approach.

Nevertheless, there are still several topics fathfr research. They regard, for
instance, the extension of the probabilistic appinotd include local morphologic

changes, to develop a procedure to obtain the pilitlgeof repair/maintenance as a
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function of service time, to extend the reliabiltyols not only to the design phase
but also to other life cycles of the breakwatem&tauction phase, operation phase,
and so on.).

On this basis, a more important goal could be aeie the probabilistic risk
analysis.



Chapter 3

Mechanical behaviour of cohesionless soils: experimental

observations and constitutive modelling

3.1 Introduction

The mechanical behaviour of cohesionless soils mpenainly on their granular
structure and their relative density. Experimentaservations show that loose sands,
monotonically or cyclically loaded, have a differeasponse of dense sands, in like
manner loaded. If the sands are fully saturatedir tbehaviour will be strongly
influenced by the drainage conditions. In drainedditions the deviator stress will
induce a volume variatiod{ # 0), while in undrained conditions volumetric stisi
are not allowed4V = 0) and the tendency to contract or dilate welult in pore
pressure variations. Contractive and dilative proge of the granular materials,
characterising the nature of the irreversible vaurariations, have significant
importance in the mechanical response of the nadteespecially in undrained

conditions.

The wave action on the sand foundation generateasr stiresses and strains that are
cyclic in nature. In undrained conditions the wavedced cyclic action may induce

phenomena dfquefactionandcyclic mobilityof sandy soails.

Liguefaction and cyclic mobility have been subjett continuing discussion within
the geotechnical engineering, commonly associatedround failures due to the
earthquakes. Because both phenomena induce incoégsme pressure and large
strains, they are often confused. Although sevesdarchers have argued that these
phenomena should be carefully distinguished, ligctdn is still commonly used to
describe all failure mechanisms resulting from thaéd-up of pore pressures during
undrained cyclic shear of saturated soils. So, évengh some important failures are
commonly related to liquefaction, they should berid®d more correctly to cyclic

mobility, which results in limited soil deformatisnvithout liquid-like flow.

53
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Castro (1969) and Castro and Poulos (1977) cledistinguished the two

phenomena, as follows:

“Liquefactionis a phenomenon wherein a saturated sand losesya [sercentage of
its shear resistance (due to monotonic or cycladiag) and flows in a manner as a

liquid until the shear stresses are as low asetduced shear resistarice

“Cyclic mobilityis associated to cyclic shear of dilative soilsttdaes not result in
flow failure as in liquefaction phenomena, becaule shear strength remains
greater than the static shear stress and deformat@ccumulate only during cyclic

loading'.

After Castro, French researchers (Schlosser, 1B&mdeau, 1986; Canou, 1987;
Canou, 1989) carried out important studies on cstiduefaction phenomena, in

order to give a reason of the failure in the PbiXlige in 1979.

Sladen et al. (1985) defined liquefaction asphenomenon wherein a mass of sail
loses a large percentage of its shear resistantenvsubjected to monotonic, cyclic,
or shock loading, and flows in a manner resembérguid until the shear stresses

acting on the mass are as so low as the reducedal sbsistancé

Phenomena of liquefaction, induced by seismic actave particularly common in
Japan, where the study of static liquefaction waged relatively recently, with the
thesis of Verdugo (1992).

Casagrande in 1969 defined cyclic mobility as tipeofressive softening of a
saturated sand specimen when subjected to cychcling at constant water

content.

Liquefaction results from the tendency of the sadsdecrease in volume when
subjected to shearing stresses. When loose, sdwails are sheared, the soil grains
tend to rearrange into a more dense packing andv#ter in the pore spaces is
forced out. If drainage of pore water is impededrepwater pressure increases
progressively with the shear load. This leads otthnsfer of stress from the soils
skeleton to the pore water inducing a decreaséfantare stress and shear resistance
of the soil. If the shear resistance of the soddmees less than the static shear stress,
the soil can experience large deformation andidgtsdiquefy. So, for a liquefaction

flow failure to occur, a saturated soil with a tendy to contract (loose sand) must



Behaviour of vertical caisson breakwaters underesiaduced cyclic loading 55

undergo undrained shear of sufficient magnitudsufficient number of cycles for

the shear resistance to become lower than the &iatl.

For dense, saturated sands sheared without poer wedinage, the tendency for
dilation or volume increase results in a decreasgdre water pressure and an
increase in the effective stress and shear strefgthcycles of small shear strains
under undrained conditions, excess pore pressuse beagenerated in each load
cycle leading to softening and inducing the accatioh of deformations. At larger

strains the tendency to dilate relieves the exqem® pressure resulting in an
increased shear resistance. This property of desise to progressively soften is the

cyclic mobility defined by Castro and Poulos (1977)

Although the different phenomena can be clearlyeoled in laboratory, at present,
no definition or classification system appears ® dntirely satisfactory for all
possible failure mechanisms in situ. The Nationaséarch Council’s Committee on
Earthquake Engineering includes in the soil liqugém “all phenomena giving rise
to a loss of shearing resistance or the developraEakcessive strains as a result of

transient or repeated disturbance of saturated satrdess soils”.

To better understand these complex phenomenajeme¥ some basic concepts of

cohesionless behaviour is required.

In this Chapter, the different behaviour of loosel alense sand, in drained and
undrained conditions, under monotonic and cycliadlag is described. The

experimental results available in literature aralysed.

Finally, the constitutive modelling is briefly disesed. After a general introduction
of the available constitutive models describing thehaviour of sands under
monotonic and cyclic loading, the “generalised ft&y model” for sand is
presented (Pastor et al. 1990). Such a model has &edied in order to start its
implementation in a finite element code and to @enf numerical analyses
simulating the experimental behaviour observedndusome centrifuge tests, which
will be discussed in the next Chapter. At presdmd, model has been implemented
and only a few simplified tests, useful to verifyetcorrect implementation, have
been performed. The numerical study, not reporigtiis thesis, has just been started

and it is still at the beginning.
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3.2 Experimental observations

3.2.1 Monotonic loading: drained conditions

In 1935 A. Casagrande, in his studies on sheangttieof soils, developed the
concept of the “critical void ratio”. He observdtht during shear deformation, at the
same confining pressure, the volume decreasing sdra in loose state and the
volume increasing in the dense state would tengrtmuce the same “critical
density” or “critical void ratio &)”. A that point, which could be reached from eithe
loose or dense state, a “cohesionless soil canrgoday amount of deformation or

actual flow without volume change”.

In order to develop a method to measure the critioad ratio of sands, in 1936
Casagrande performed a series of drained, straitnatied triaxial tests, drawing the

following conclusions (see Figure 3.1):

- all specimens tested at the same confining pressypeoach the same density
when sheared to large strains and continued torshi#h constant shearing

resistance;

- loose sand specimens show a volume reduction thouighe test, reducing the
initial void ratio until reaching the critical vadue,, where residual conditions
take place and plastic flow arises at constantmeluOnly a small increase in

volume occurs at large strains toward the endetdit;

- dense specimens show a small volume decrease stathef the test (reaching a
minimum void ratio), but as the peak compressivesst is approached they

strongly dilate and the volume increase continadhe end of the test;

- stress-strain curve for dense sand develops aitdefirak, after which a shear
failure plane is observed, and with the increasmnstrain a steady decreasing in
resistance takes place approaching the strengtiedbose specimersdftening

behaviouy;

- stress-strain curve for loose sand does not devalggeak and the residual

conditions are reached according tchandening behaviour
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By performing tests at different effective configipressures, Casagrande found that
the critical void ratio was uniquely related to tlkeéfective confining pressure

(decreasing with it) and called the locus thiéaal void ratio line (CVR)

Therefore a critical state exists for sands andOW® line constitutes the boundary
between dilative and contractive behaviour in deditriaxial compression. A soil in
a state above th€VRline exhibits contractive behaviour and vice vesze Figure
3.2).

g (deviator stress) e (void ratio)
dense sand
P loose sand
€ /

AN

dense sand

loose sand

€4 (axial strain) €a (axial strain)
Figure 3.1 — Behaviour of dense and loose soitadnotonic strain — controlled triaxial tests

e

Loose (contractive behaviour)

Dense (dilative behaviour)

logo’ 3¢

Figure 3.2 — CVR-line for logarithmic confining psure
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3.2.2 Monotonic loading: undrained conditions

From his studies, Casagrande deduced that if aasatlsand is not allowed to
change its volume then the tendencies to volumaggsawill result in changes in the
pore water pressure. Hence, strain-controlled uneldatriaxial tests would produce
positive excess pore pressure in specimens inta ls@aser than that of the critical
void ratio and negative excess pore pressure isedepecimens, with void ratio

higher than the critical void ratio.

In 1969 Castro, a Ph.D. student of Casagrandepmmeeld a series of undrained,
stress-controlled triaxial tests, on specimensaofiswith different relative densities.
From this study three different types of stresanstbehaviour, depending on the soil

state, were observed (see Figures 3.3, 3.4 and 3.5)

Very loose samples (caaen the Figures), witld, = 27%, showed the development
of a peak strength at a small strain level (FigBu®). After application of the last

load increment, the rate of strain gradually insesh Then, suddenly, the specimen
collapsed and failed rapidly with large strainseneat speed of deformation during
the failure was caused by the sudden increase e pressure (see Figure 3.4),
which induced a substantial change in the arrangemithe sand grains. Castro
indicated the correspondent reduction of strengththe induced large strains as the
basic characteristic of “liquefaction”, now commgnreferred to as “flow

liquefaction”. In the specimen exhibiting flow ligfaction behaviour the static shear
stresses required for equilibrium (point A) wereeaer than the available shear

strength (point B).

The hypothesis that a flowing liquefied sand hd$l@av structuré in which grains
continuously rotate to orient themselves in a s$tmec of minimum frictional

resistance was developed by Casagrande in 1976.

A different behaviour was observed for dense sdodseb in the Figures). Dense
specimens; = 47%) initially tended to contract and then taat#l until a relatively
high constant effective confining pressure anddastyain strength was reached.
These tendencies resulted respectively in incraasedecrease of pore pressure. In
Figure 3.5 a quasi-linear increase in resistancevisent as the pore pressure

decreases. This behaviour is typical of a dilaspecimen.



Behaviour of vertical caisson breakwaters underesiaduced cyclic loading 59

The test on a medium dense specimen (casehe Figures) witld, = 44%, slightly
looser than the sample represent a case intermediate between the licui@fa
failure and dilative behaviour. It initially shodghe same behaviour as the loose
samples but, after initially contractive behaviodhe soil "transformed" and

exhibited dilative behaviour. Castro referred tcs ttype of behaviour as "limited

liquefaction”.
d AU
a
b
c
c
A
b
a B
€ €

Figure 3.3 — Stress — strain curves Figure 3.4 — Pore pressures — axial strain

q

failure envelop

p!
Figure 3.5 — Stress-paths
(Adapted from Castro, 1969)

specimen “a”: loose sand with 3= 27%
specimen “b": dense sand with,> 47%
specimen “c”: medium-dense sand with ©44%
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Castro and Poulos (1977) and Poulos (1981), inraimexplain the behaviour of

sands at very large shear strains, introduceddheept ofsteady state condition

A soil in asteady states a soil for which the deformations are occurratgonstant
volume or void ratio, constant effective stresg)stant shear stress or resistance, and
constant rate of shear strain. In this conditiom ohiginal structure of the soil has
been reworked at very high strains into a sta#ifiticconstant particle orientation
that Casagrande had defined as “flow structure’sol can reach the steady-state
condition only after experienced sufficient remalglisuch that further deformations
are not affected by particle orientation. If defations cease, the soil is no longer
considered to be in the steady-state conditionadytstate flow can be achieved

through monotonic or cyclic loading.

The relationship between effective confining pressand void ratio at large strains
is represented by the Steady State LBSL, which is actually a 3-D curve in@-

T plane, defined as theVRIline for undrained stress-controlled tests. InuFeg3.6 a
projection of theéSSLon the eg’ plane is represented. Soils in an initial stat¢ éne
below theSSLare not susceptible to flow liquefaction whereassplotting above
the SSLare susceptible to flow liquefaction if the stasicear stress exceeds their

steady state or residual strength of the soil.

Using concepts of critical-state soil mechanics, ehaviour of a cohesionless soil
should be more closely related to the proximitytsfinitial state to the steady state
line than to absolute measures of density (Roscmk Rooroshasb, 1963). This
means that soils in states located at the samandistfrom the steady-state line
should exhibit similar behaviour. With this apprbaz state parametefBeen and
Jeffries, 1985) can be defined as:

Y=e—-eq
whereessis the void ratio of the steady-state line at tffeative confining pressure
of interest (Figure 3.7). When the state paramétepositive, the soil exhibits
contractive behaviour and may be susceptible tw flmuefaction. When it is

negative, dilative behaviour will occur and thelsisi not susceptible to flow

liquefaction.
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Flow liquefaction susceptible
soil if static shear stress is
greater than

Not Flow Liquefaction
susceptible soil

logo’ or log S

Figure 3.6 — 2-D projection of SSL for logarithnaionfining pressure
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Figure 3.7 — State parameters

In 1975 Ishihara introduced an important concepilar to the one expressed by the
CVR and SSL lines, but in theqg-p’ plane. It is identified as the “Phase
Transformation Line” PTL) and represents a plot of the stress path potnighizh
the transformation from contractive to dilative belour takes place. This line is not
the critical state line, which will be reached esidual conditions, and during the test
it can be crossed a first time, with the specim@hfar from the residual state. If

shearing continues, the stress path will finallprapch the critical state line. Before
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the critical state line, in the contractive regian, undrained stress path will tend to
move to the left as the tendency for contractiomsea pore pressure to increase and
p' to decrease. As the stress path approacheRThethe tendency for contraction
reduces and the stress path becomes more vewtitan the stress path reaches the
PTL, there is no tendency for contraction or dilatibence p' is constant and the
stress path is vertical. After the stress pathsaeshePTL, the tendency for dilation
causes the pore pressure to decreasg'andncrease, and the stress path moves to

the right. The described behaviour is illustrateigure 3.8.

Because the stiffness of the soil dependg'orihe stiffness decreases (while the
stress path is below tH&TL) but then increases (when the stress path movasab
the PTL). This change in stiffness produces the "limiteguéfaction” behaviour

originally noted by Castro.

dilative zone

FAILURE ENVELOPE‘,__.;.-"Z':-E3

contractive zong~"" "

p1

Figure 3.8 — Stress-path example in a g-p’ plane

In Figure 3.9 is shown the response under monotoaiding of a series of triaxial
specimens initially consolidated to the same vaitibrat different effective confining
pressures. At the same void ratio, they will relehsame effective stress conditions
at the steady state but by different stress-pdthes.initial state of specimens Ae B is
below the SSL so, during the shearing, they will exhibit dilaivbehaviour.
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Conversely, the initial state of specimens C, D Bnd above th&SLand during the
loading they will exhibit a contractive behaviotgaching a peak undrained strength
and straining rapidly toward the steady state.tRese specimens, flow liquefaction

initiates at the peak of each stress path.

The locus of points describing the effective stramsditions at the initiation of flow
liquefaction is a straight line and, in the strgmgh space, it defines thiow
liquefaction surface (FSL)rhis form ofFSL was first proposed by Vaid and Chern
in 1985. Since flow liquefaction cannot occur belbw steady-state point, tRSLis

truncated at that level (Figure 3.10).

The FSL marks the boundary between stable and unstabtessta undrained
conditions. When the stress conditions of soilschiethe FSL under undrained
conditions, whether by monotonic or cyclic loadinftpw liquefaction will be

triggered and the shearing resistance is reducedhdo steady-state strength.

Therefore thd-SL describes the conditions at which flow liquefaetis initiated.

q k v
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point —
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Figure 3.9 — Response of five specimens
isotropically consolidated to the same void

ratio at different effective confining pressures

(from Kramer, 1996)

Figure 3.10 — Orientation of the flow
liquefaction surface in stress path space
(from Kramer, 1996)
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3.2.3 Cyclic loading: drained conditions

Under cyclic loading, the sand behaviour becomes emore complex. Sands tends
usually to densify under consecutive cyclic loads ahe mechanism to become
denser depends on contractive and dilative praggemi material, function of its

initial state rather than the characteristic oflicyload.

Remembering that the failure envelope &L exist for negative shear stresses as
well as positive, it is easy to see that a cydjcédaded soil can undergo the

contraction/dilation transformation in two diffetafirections.

If loose sand is cyclically loaded in drained caiadi it tends to become denser, per
each cycle applied. As long as the stress-pathlojeed during the cyclic loading
crosses thePTL, the specimen contracts and a continuous volurdect®n is
evident per each cycle, with progressive hardeoiniipe material. If the stress-path
crosses théTL (dense sand)during loading phase (both in compression and in
extension) the sand dilates and the dilating plesecceeded, during the following
unloading, by an incremented contraction. This bEhat makes the “densification
process” faster. The densification mechanism durinthe unloading phase, which
starts when the stress-path is aboveRfMg, can be related to the rearrangement of
the grains and the “structure” of skeleton, in adeoce with an irreversible
mechanism (conversely, an elastic response duhiegutloading phase would be
expected by the classic elastoplasticity) (Canal.e2002).

For a loose sand only a contractive behaviour s$enfed.

De Gennaro et al., (1996) and Benhamed (2001) wbst#rat compression and
extension phases have a different effect on thénargcal response of medium dense
sand, with dilative behaviour in compression andtiaetive behaviour in extension.
On this hypothesis, during cyclic alternate loadlitige instability and failure will

start during the extension phase.

3.2.4 Cyclic loading in undrained conditions: liquefaati@nd cyclic mobility

Also for cyclic loading, in undrained conditionsetkendency to contract and dilate

will be transferred in increase and decrease &¢ pogssure.
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A comprehensive investigation of the effects of toolfed cyclic stresses on the
deformation and build-up of pore pressure on stddraands was carried out by
Seed (1966, 1967), Lee (1967) and Peacock (1968)eatUniversity of California

between 1966-1968. Particularly interesting areesaimdrained triaxial tests during
which a cyclic deviator stress, of equal magnitideompression and extension, was
applied to specimens of saturated sand initiallpsotidated under an all around

confining pressure. The range of relative denssgduwas from 38 to 100%.
Several interesting observations could be drawm fiteese tests:

- up to a certain number of cycles the strains dewetpduring each cycle were
very small (less than 1%), but the cyclic pore pues showed a cumulative

increase;

- amoment was reached after which the value of ¢tine pressure at zero deviator
stress became equal to the confining pressure; i@ans that the effective
stresses dropped to zero. This event was calletatifiquefaction” from Seed
and Lee (1966, 1967).The number of the cycles reduio reach this condition
was found to be a function of the void ratio of §pecimen and of the magnitude

of the cyclic deviator stress and confining pressur

- after “initial liquefaction”, the strains during &a subsequent cycle became
progressively larger as more cycles of load wegdieg. The pore pressure was
equal to the confining pressure at zero deviat@sstand dropped substantially

when either the axial extension or axial comprestad was applied;

- when the cyclic strain reached an amplitude of 28%sand was said to have
developed “complete liquefaction”. Intermediategst® between “initial” and

“complete” liqguefaction were called “partial” liqtaction.

After initial liquefaction for loose specimens th&ains rapidly increased, but only
slowly for dense specimen and, in the last case,réyuired cycles to achieve
complete liquefaction were much more than the meglucycles for loose specimen.
In both tests “initial” liquefaction developed dug the same cycle. In all tests

“partial” and “complete” liquefaction always endeddilative behaviour.
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The above mentioned observations and, more genethlk behaviour of loose
(contractive) or dense (dilative) sand under cyldading can be understood with the
help of thePTL line.

In the early stages of loading (before the stregb-pas reached tHe&TL) the soil
tends to contract and, in undrained conditiongdaction of p’ is experienced. If the
stress-path of the sand lies for all the time unldePTL (loose sand) then the failure
is reached through the same mechanism developedgdoronotonic load (“true
static liquefaction”), due to a continuous poresgrge build-up, until “true cyclic
liquefaction”. As long as the stress- path is betb@PTL, the unloading phase is in

elastic regime.

When at certain point of the cyclic loading theess-path crosses for the first time
the PTL line (usually during the extension phase in taaxests, according to Canou
et al., 2002), the sand tends to dilate with consetjincrease gf'. The developed
negative pore pressure limits further strainingadditional cycles. From this point
the unloading phase, both in compression and iensidn, induces the tendency of
the soil to become denser and, in undrained camdithe pore pressure to increase.
Such as mechanism causes a great decreage lof the final state the observed
stress-path is the distinctive "butterfly" profilgising from the alternate phases of
dilation and densification. The stress path wikpéhe point of zero, or close to zero,
effective stress twice per cycle. Consequentlyera#ite hardening and softening

phases characterise the stress-strain curve.

While significant strains can occur during cychatling, the very large deformations
associated with a flow failure do not develop imske dilative soils. In this case the
shear strength remains greater than the statia siwess and the failure occurs for
the phenomenon called “cyclic mobility” (Castro @alulos, 1977).

The initiation and development of both cyclic thiguefaction and cyclic mobility
will depend on several parameters characterisirgg dyclic load as amplitude,

alternate character or not of cycles, number ofesysymmetry etc.

True cyclic liquefaction and cyclic mobility haveedn observed during alternated
symmetrical undrained triaxial tests, respectivetyloose and dense specimens of
Hostun sand (Benhamed, 2001).
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In the case of loose sand (Figure 3.11), until dage number of cycles (N=60), a

“regular” increase of pore pressure and decreasdffeftive stress p’ are observed.

During this phase small axial deformations are bger. When the load reaches a

specific number of cycles (N>60) a sudden loss tafasing resistance and rapid

increment of deformations, coupled to high valuépare pressure, are observed.

The stress-path in the g-p’ plane shows a behagoite similar to the one observed

for the static liquefaction.
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triaxial test (Benhamed, 2001)
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In the case of dense sand (Figure 3.12) two diftetgpes of behaviour are
evidenced. In a first phase a continuous incredgmie pressure, with “one peak”
build-up per cycle, and the occurrence of very smelormations are observed. In
the g-p’ plane p’ decreases regularly as long as¥eles are applied. This behaviour
can be related to the tendency of the sand to acnim the initial phase of the test.
At certain point of the test an abrupt variationtlod “process” is evident: the pore
pressure increases with a mechanism of two peaid-lqu per cycle and a fast
accumulation of larger amplitude deformations appedlhe stress-path also
changes, with the tendency of p’ to increase dutiegioading phase and to decrease
during the unloading (both in compression and esite).
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The difference between liquefaction and cyclic nigbmay be also illustrated by
using the state diagram, reported in Figure 3.1&s{© and Poulos, 1977). In the
graph, with axes effective minor principal streasl &oid ratio, the steady state line

is reported.

If the specimen lies above t&SLand it is loaded by monotonic or cyclic undrained
loading, it starts to contract and, in undrainedditions, a significant rise in pore
pressure is observed. If the load applied is laegeugh, liquefaction can be
triggered. In the state diagram, liquefaction ie tksult of undrained failure of a
fully saturated, highly contractive (loose) sant@yrting at point C and ending with
steady state flow at constant volume and consignat point A. During undrained
flow, the soil remains at Point A in the state deag. The further to the right of the
SSLthat the starting point is, the greater will be tteformations associated with the
liquefaction. The condition in which the specimeas fzero effective stress and void
ratio higher than Q represents the “quicksand dmmdi In this state, sand has zero
strength and is neither dilative nor contractivehé initial condition is above Q, the
strength after liquefaction will be zero. If ithelow Q, the strength after liquefaction
will be small but finite. Liquefaction can occurlgrin specimens that are highly

loose and contractive.

When a fully saturated dilative sand (point D ire thtate diagram) is loaded
monotonically (“statically”) in undrained conditipthe point on the state diagram
may move slightly to the left of point D but themill move horizontally toward the
steady state line as load is applied (it tendsiletedand, in undrained conditions,
pore pressure decreases). If now a new test i®dtand cycling loading is applied
the state point move horizontally to the left, hesmathe average void ratio is held
constant and the pore pressure rises due to dgaliting. So, saturated sands starting
at points on or below the steady state line, wil @ilative during undrained
monotonic loading and the state point will movehe right. If cyclically loaded the
state points will shift to the left as strains acamd the specimen softens. If these
strains are large enough specimen develops cyatibility. If enough cycles are
applied, if they are large enough, and if the hgthtic stress condition is passed
during each cycle, then the zero effective stremsdition can be reached. The

magnitude of pore pressure build-up in cyclic g8k depend on magnitude of the
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cyclic load, the number of cycles, the type of tasd the soil type. Cyclic mobility
can occur in the laboratory in a specimen for amyiail state, but, without stress

reversal, the larger strains do not occur.

Flow at constant volume

[+]
"QUICKSAND

LIQUEFACTION

CONTRACTIVE
SOILS (LOOSE)

AVERAGE VOID RATIO OF
THE SPECIMEN, €

i
[}
|
'
i
]
i
|
[}
|
i

+
[}
]
]

CYCLIC MOBILITY —] g'ot‘l?_g'\gg Cyclic or monotonic loading

softening coused
by cyclic loading, !
stote may reach 0o

(large straoins ond (DENSE) of dilative soil starts here
v ]
]

Qi--—f--

EFFECTIVE MINOR PRINCIPAL STRESS,J3

Figure 3.13 — Undrained Test on Fully SaturateddSdarepicted on State Diagram
(Castro and Poulos, 1977)

In Figure 3.14 the response of two identical specisnof loose, saturated sand,
respectively monotonically and cyclically loaded uindrained condition, is reported.
Initially (point A) the specimens are in drainedugirium under a static shear
stressTsutic that is greater then the steady-state strengiiD8ing the loading, both
monotonic and cyclic, the shear resistance inceeasél the stress path approaches
the FSL (point B and D). Then strains rapidly increasdlyndint C, approaching the
steady state of deformation. The effective stresh pnoves to the left as positive

excess pore pressures develop and permanent sicaimsulate.
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Figure 3.14 — Flow Failure induced by cyclic andnmoimnic loading (by Kramer, 1996)

The FSL marks the onset of the instability that produdgsidfaction and flow
liquefaction can be initiated by cyclic loading ymfhen the shear stress required for
static equilibrium is greater then the steady-st&ength (see Figure 3.15).

Conversely, cyclic mobility can develop when thatistshear stress is smaller then
the steady-state shear strength. (Figure 3.16).

Figure 3.15 — Zone of Flow Liquefaction suscepitiil

(adapted from Kramer, 1996)

o

Figure 3.16 — Zone of Cyclic Mobility susceptibjlit
(adapted from Kramer, 1996)
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Kramer (1996) distinguishes three combinations rofial conditions and cyclic
loading conditions that generally produce cyclichitity.

In Figure 3.17 these three cases are represented:

a) In the first casdsirTcy >0 (this means that there is no shear stress @dyensd
Tstat Tcyc<Ssu-

During the loading the effective stress path madweethe left until it reaches the
drained failure envelope. Additional loading cyclssuse it to move along the
envelope, resulting in a final stabilisation of theffective stress. Flow
liquefaction cannot develop because any unidireatistraining would produce
dilation. The effective confining pressure has dased and the resulting low
stiffness can allow significant permanent stramslévelop within each loading

cycle.

b) In the second caskurTcy>0 (this means that there is no shear stress @dyers

and Tsat Tey>Ssu

Also in this case the effective stress path moeeth¢ left during the loading
until to reach theFSL, where momentary instability will occur. Signifitta
permanent strains may develop during these petimgienerally will stop at the

end of the cyclic loading when the shear stressmetto thers:

c) In the last casésirtc, <O (this means that shear stress reversal occud) a
Tstaft Tcyc<Ssu-

In this case the direction of the shear stres$idsacterised by compression and
extension. Because the pore pressures generatipidlyraincreases with
increasing degree of stress reversal (Dobry et1882; Mohamad and Dobry,
1986), the effective stress path moves very quitkihe left and oscillates along
the compression and extension failure envelop¢hitnway, the effective stress
path passes twice per cycle through the origin andhis point, the effective
stresses are instantaneous equal to zero. Thes aftatero effective stresses is
referred asnitial liquefaction(See and Lee, 1966). Significant permanent strains

may accumulate during cyclic loading but flow faducannot occur because the
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loading phase (in both directions) will induce tda and recover of shear
strength.

Conversely to the liquefaction, for cyclic mobilitilere is not a clear point in

which the phenomenon initiates.

TOYC tcyc _/‘r
. cyce
:Fi‘istatic :I:—ftj'_ﬂ“c _/;! 4! {‘! é ! é ;Eitstatic
p’ P p
(a) : (b) Y (c)

Figure 3.17 - Combinations of initial conditionsdazyclic loading conditions producing cyclic mobjli
(from Kramer, 1996)
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3.3 Constitutive modelling

The constitutive behaviour of soils, as it has beleserved in the previous Sections,
is characterised by irreversibility and non-lingariThe modelling of the behaviour
of granular soils under transient and cyclic logdis quite complex because of the
number of factors influencing it. In the last deeadkxtensive research enabled to
develop advanced models in order to take into auceeveral aspects of granular
soil behaviour under loading, unloading and relogdi Progressively more
sophisticated studies have helped to develop datigé models of increasing

complexity, arriving to describe phenomena as figctgon and cyclic mobility.

In order to describe the mechanical behaviour ehglar soil under static loading,
classical plasticity models was extended to thelsawonsidering that the behaviour
of granular soils depends mainly on the densitye Faditional Critical State Models
can describe the behaviour of loose and dense samd¥rained and undrained
conditions considering three fundamentals factshdrdening laws depending on
deviator and volumetric plastic strain; 2) non-asstive plastic flow rules; 3) plastic
deformations existing throughout the process. Titeal state models are based on
the knowledge of the yield surface and the plastitential. The yield surface will

expand or contract depending on whether the materdmardening or softening.

These models are quite good for monotonic loadimigthey cannot reproduce the
behaviour of the soil during cyclic loading and thedated phenomena as pore
pressure generation in fast processes or dengficdh fact, the material remained

elastic within the yield surface, where no pladédormation can develop.

Within the framework of elastoplasticitplastic advanced modelepresent one of
the most important theoretical approaches usuatiijofed to simulate the
mechanical behaviour of soils subject to cyclicdiog. In this framework we can
distinguish three different classes: a) the boumndurface models, b) the generalised
plasticity and c) the multiple mechanism plasticdels. Class a) is characterised by
two surfaces, an outer ‘consolidation” surface, amdinner loading locus, and
provides a rule for the definition of the hardenimgdulus in the space between
them. In the generalised plasticity (class b) ttecept of loading and unloading, as

well as of flow rule, are extended. In these modwsyield surface needs to be
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defined and plastic deformations can be evolvendustress reversals. Finally, the
natural extension of single mechanism plasticitprisvided by multiple mechanism

plasticity, in which two or more yield surfaces aidstic potentials are defined.

As an alternative to elastoplasticity, soil behaviocan be modelled with
hypoplasticity. In this constitutive theory theastr rate is not a priori decomposed
into a elastic and plastic part, as in the elasstity theory. Yield functions,
potential functions and flow rules are not necalsaeeded, giving hypoplasticity a
simple structure. Hypoplasticity may be applieda@ading and unloading problems,

but not yet to cyclic loading problems (Heeres, 1200

As follows a generalised plasticity model (Pastoraé 1990), describing the

behaviour of sands under monotonic and cyclic logds presented.

3.3.1 A generalised plasticity model for sands

The model here proposed is an extension of gesethplasticity theory, to model
sand behaviour under monotonic and cyclic loadihge generalised plasticity
theory belongs to the elastoplasticity theory,isst §ome general aspects of standard
elastoplasticity will be reported and, next, thagsilarity of the generalised plasticity

will be described.

Concerning the adopted symbols, underlined lowseazharacters represent first-
order tensors, second-order tensors and vectoderiimed upper-case characters
represent fourth-order tensors and matrices. Regsjembols and characters

represent scalars.

In standard elastoplasticitthe total strain rate is decomposed into an elasti

reversible component and into an plastic irrevéestiomponent:

The elastic strain rate is connected to the stegss& by the constitutive relation

£ =) &
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with Q'f'the fourth-order tangent elastic stiffness tendbrelasticity is assumed
isotropic, Qf' is defined by two independent coefficients, tangefdstic bulk

modulusK and tangent elastic shear modu.

The plastic strain rate is so defined (flow rule):
&' = fmlo, )

in which & is a non-negative scalar which specifies the ntadsi of the plastic
strain rate and it is called consistency paramatg@iastic moltiplicator. The second-
order tensor_mspecifies the direction of plastic strain and, time standard
elastoplasticity, it depends on the current steeasd on a finite set of variabl&s
(this parameters takes into account of historyot$fand its evolution is proportional
to the consistency parameter). Tensorfaiiows from differentiation of a plastic
potential functiorg(g, @) with respect to the stress. In standard elasstiplty there
exists a yield functiorf, which is usually a comparison between a stresnsgity
(trough the tensorial invarianpgsandq) and strength, depending on the current stress
o and on the internal variabl@s. If f (g, ) <0 the stress intensity is smaller than
strength and the behaviour of the material is ielgsthich means that plastic strain
rate is null). The maximum value that can be readdethe yield function i$ (g, ®)

= 0, because stress intensity cannot exceed therialagtrength. In such a situation
both the stress intensity and the strength changhe same amount (consistency

condition):

fo.p=0)

Usually, the vyield functiorf and the plastic potential functiamn are identical and
associative plasticitys obtained. In a cyclic behaviour it is neededtake into
account of the dilative-contractive behaviour oé tmaterial, so aon-associative

plasticity has to be adopted, wifk g.
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Combining the consistency condition with the expiras of iét B(g,g)/@, where_pis

a vector, an expression fdk is obtained:

% =t :;g‘

K="=
h+ O . per. 99
dc —' ‘oo

In the above expression thardening modulus has been introduced, so defined:
of
h=-—[plo,
op [EL ?)

In the generalised plasticity theotlye incremental non-linear elastoplastic relations

between increments of strain and stress can beeatkés:

&) :a

where &, & and_D) are Cartesian tensors of orders two and four.

The deformation of the material can be consideredha result of deformations

produced by M separated mechanism, all of thesesuio the same state of stress:

In order to simplify the dependency of én the direction of the stress rate, a vector
of direction 4™ is defined, discriminating between loading andoading for each

mechanism:

nlo.g): &>0 - loading

nlo.g): <0 -~ unloading
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In the classical plasticity theory:

Q| D
| \-h‘lq\-"

Incremental stress-strain relations for a singlelmaism (m) have the form:

&=c'm: &

&=c"": &

where_Cis the inverse of the stiffness matrix &d L and U are for loading and
unloading directions, respectively.

The constitutive tensors-® and ™ are so defined:

where H is the hardening modulus aftél“)nis the direction of plastic flow (the
second-order tensor im the standard elastoplasticity); it follows fromfdientiation

of a plastic potential function :

Total increment of strain is given by the summatball mechanisms:
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M
— e(m) . (m)].
§L_ Z C&+Z H (m) gL/U D ' C_&
L/u

m=1 m=1

that can be also so expressed:

&=C°: &+ ZH(”‘) [ o On'™| &

m=1 L/U

The first member of the sum represents the elastitponent of the strain increment
and the second one is the plastic component.

The above equation can also be written as:
&=Cp), 1 &

Inversion ofC®" will give the equivalenb;, .

The main advantage in the proposed model is thewarsible plastic deformations
are introduced without the need to explicitly defiastic potential or yield surfaces,
no hardening rules. Indeed, the model is fully deteed by specifying three
directions @™ and A™) and two scalar functions of hardening modti\G™).
Different expressions can be selected for loadimg) @nloading and, consequently,

the generalised plasticity model is particularlitagoie in cyclic loading conditions.

In the derived generalised plasticity model fordsgoresented in Pastor at al. (1990),

the elastic behaviour and elastoplastic behaviomaasumed isotropic.

In the monotonic loading the directiorisiso defined:

n" =(n,n,)=

vIil's

d, 1
Ji+d? 1402

where the first component refers to hydrostatiedf and the second component

refers to deviator effects. In the equatieisda dilatancy, so expressed:
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dr = (1+a) AM - 1)

whereM; anda are constitutive parameters amés the stress ratig/p’.
Because of the flow-rule is non-associative (ineortd model the unstable behaviour
within the hardening region) the directiornisrdifferent fromng,.

The direction of plastic flowg. in the triaxial space is given by:

T

_| 9 1

where the dilatancygtan be approximated by a linear function of strats /7(&')
p

so defined:

dy = (1+a) Mg - 17)

In this expressiorMy is an additional parameter of the model. Bdthand My
depend on Lode’s angle. We note that a yield sarfatd a plastic potential can be
found by integrating respectively the expressioos i and n, From Pastor,
Zienkiewicz and Leung (1985) the rafix/ My can be assumed to be the same as

relative densityD;.

A convenient law for the plastic moduldis can be so defined:

H =H,p'H{H, +H}

This expression takes into account several impbespects, as:
- residual conditions take place at the criticalestate (/p'= Mg);

— failure does not necessarily occur when this lg@rst crossed,;
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- the frictional nature of material response requihesestablishment of a boundary
separating impossible states from those which emmigsible.

With the above expression the critical state lgdp’ = M can be passed with a

positive hardening modulus, allowing for a peakrsgith during shearing.

In the equation
— Hpis a material constant and it can be found as etifumof A,k and e:

_ 1+e
P (A-kK)

where A andk are the slopes of normal consolidation and elastloading lines in

the €, hp’) plane; e is the void ratio;

- Hs limits the possible states and is so defined:

— Hyis so defined:

— Hs= BoBrexp(-Bié)

- &= Jgg'dt = j(dg'” Ejgp)uz is the accumulated deviator plastic strain.

The model of generalised plasticity here analysedimulate the soil behaviour

under monotonic loading has 8 parameters:
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— two elastic constantsy andGy that can be determined from unloading-reloading
p

- . G
tests; it is so possible to calcul#g' = K,— andG® = —2
0 0

Ktel

— a parameteq that controls dilatancy;

- the slopeMy of the critical state line on the’(— g) plane (found from drained or
undrained tests);

- the slopeVis that can be found from the relation betwé&gnandDy;

— the constanty;

- Brandg;

The proposed model for monotonic loading can becredgéd to simulate the
unloading, introducing a new expression for thesfiamodulus, because of during

unloading plastic strains of contractive naturedeeeloped:

g

un

>1

M
H, = Huo(—gj - for
un

M
H,=H, - for—%<1

u

wherern, = (g/p’)u. TwWo new parameters are introducetls, andy.

The direction of plastic flow produced upon unlaegwill be so defined:

T

d 1

9

e | e

DgU = _ab

Cyclic loading under undrained conditions causeg@ssive pore pressure build-up
leading to failure. In the case of very loose sditisefaction takes place following a
series of cycles in which the stress path migretesrds lower confining pressures.
As it has been observed, denser sands do not ekyimfaction but cyclic mobility:
failure is progressive since the stress path apgpemtheCSLby its shift caused by

the pore pressure build-up. Deformations duringpading cause the stress path to
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turn towards the origin, and strains produced dutire next loading branch are of
higher amplitude. In order to take into accountdielic loading phenomena, a new
memory factor multiplying the plastic modulus issded. The new plastic modulus
is so defined:

HL = Ho p’ Hf (Hv+Hs) Hom

WhereHpn, is given by:

H om = [ﬁj
{

— A1 1+a ll/a
7=pi ( d )M}

It is possible now to model cyclic phenomena asdigction and cyclic mobility in

loose and medium sands under cyclic loading.

3.4 General conclusions

In this Chapter the mechanic response of sand undeotonic and cyclic loading,

in drained and undrained conditions, has beeneea&oncepts of liquefaction and
cyclic mobility deduced by the literature experirte@nobservations have been
introduced. Although in situ the two phenomenaditen confused they have been
extensively studied in laboratory and consequaetigiiinguished.

True liguefactioncan be considered the more dangerous phenomence &in

corresponds to a particular instability charactegisontractive sands (usually sand
from very loose to loose), susceptible to develery\nhigh values of pore pressure in
undrained conditions. Monotonic and cyclic loadimgy trigger this process and it
results in a flow failure with rapid drop of sheasistance until a very small value. If

the shear resistance reaches the zero valuettiidiquefactionis observed.

Cyclic mobilityis characteristic of dilative material (sands fromedium dense to

very dense) and it is developed only with cycli@dmg. High values of pore
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pressure are produced during contractive phaseactbasing the unloading (both in
compression and in extension). Although the inaeab shear strength during
loading phases (due to the dilatancy) does not ipeinie development of very large
deformations associated with a flow failure, sigiaht strains can occur during

cyclic loading.

It is finally important to observe that in a re#uation it is not easy to distinguish
failures induced by liquefaction from failures yegyed by cyclic mobility. Many

factors will characterise the “in situ conditiontsiat cannot easily be reproduced in
laboratory (initial state of sand in situ, hetenogigy of material, etc.). These make

the analysis of a real problem very complicated.



Chapter 4

Laboratory experiments: dynamic centrifuge tests

4.1 Introduction

In the previous Chapters it has been evidenced ritatne structures and, more
specifically, vertical breakwaters are not yet velidied from a geotechnical point
of view and many uncertainties still characterise tlesign. On the other hand, the
actual processes involving the soil-fluid-structumgeraction are quite complicated
and the wave loads may cause failure of the foumdadf a gravity structure, in

several ways (Oumeraci et al. 2001). The influentehe wave action on the

foundation will depend on several different aspextsnature of soil, stress history
experienced by the soil, relative density, drainageditions, etc., and it is not easy

to evaluate or predict.

In order to study the salient foundation aspecthéndesign of caisson breakwaters,
dynamic centrifuge tests have been performed irfrdreework of the PROVERBS
Project (Van der Poel and De Groot, 1998). As mesly mentioned, this project
has been performed by Oumeraci et al. (2001) ahdsitbeen aimed at developing a
new probabilistic design/analysis method for mahati coastal structures and

breakwaters subjected to the wave attacks.

This Chapter deals with the analysis of the resflthie centrifuge test3he failure
mechanism is studied by examining the effects ef ¢iiclic wave action on the
mechanical behaviour of sandy soil foundation. Tesults showed that the failure
occurred according to a more complex mode tham&ehanism expected when the
tests were designed, that was a “liquefaction ffailure” involving the structure.
Conversely, wave action led to oscillatory motioasad residual permanent
deformations of the structure, causing a “stepwisearing capacity failure in the
subsoil. The collapse was induced not as a consequ#f a specified wave load but

according to a progressive mechanism under regetiiigh loads.

85
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The structure was founded on a layer of dense saitld dilative behaviour.
Liguefaction flow failure did not occur but phenomae of “instantaneous

liquefaction” and “cyclic mobility” have been supmsa responsible of failure.

As follows, the performed centrifuge tests and dhserved results are presented.
The deformation mechanism until failure is analyaed the mechanical response of
sandy soils under cyclic loading is briefly studiedth regard to liquefaction and

cyclic mobility phenomena.

4.2 General considerations and scaling for dynamic prdlems

Centrifuge modelling represents one of the mostafle tools in geotechnical
engineering in analysing mechanism of deformatiod eollapse. It is known, in
fact, that the stress-strain behaviour of geote@imhaterials is non-linear and it is a
function of stress level and stress history. Subsetly 1g model experiments cannot
correctly model the behaviour of full-scale profmy Conversely, in a centrifuge
experiment a small-scale physical model is subjetidean appropriate gravitational
acceleration, many times larger than Earth’s gyauiat provides identical model
and prototype stress and strain field. By meanthisf method, centrifuge test can
correctly replicate the prototype reproducing te-weight stress distribution within
the model. The soil behaviour is hence properlyaepced in terms of strength and
stiffness. To be representative, scaled model @xpets must be based on similarity
laws derived from fundamental equations governifg tphenomena to be
investigated.

In this project, special considerations were madth wespect to the centrifuge

physical modelling for dynamic problem to ensurefoomity between the model

and the prototype. The fundamental scale relatimese based on the general
equation of continuum mechanics that enabled taiolihe scale factor for stress,
strain, length, acceleration, velocity, dynamic dimand force. Since the cyclic
loading of the structure induces pore pressuredigmegs and then pore pressure
dissipation, the flow regime in the soil was taketo account, based on the flow
Darcy’s law. From this law it has been derived ttiet seepage velocity trough a

model subjected to an increased self-weightl tifmes isN times grater in the model
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than that in the prototype if identical soil andrepdluid are used and identical
gradients applied. Then the time scale factor igidive or consolidation time), ratio
of length over velocity, will be scaled &s N2 On the other hand, the dynamic time
obtained from the equation of continuum mecharicaled at = N. This apparent
inconsistency does not means that two differentetiscales exist, but that the
materials used in the model do not allow for siuétous similitude of time scale in
the dynamic event and the diffusion phenomena. Taisbe expressed by the fact
that the scale factor for the weight and inerti@és is different from the scale factor
for seepage forces, when the same soil and potousdre used in the model and
prototype. Hence, the proportionality of forcesict preserved. In order to equalise
the two time scales and to model the inertial effeand the seepage flow effects
simultaneously, the dynamic time scale for the ilogdvas followed and the pore
fluid was chosen so that the saturated model sl @ototype soil had the same
Darcy hydraulic conductivity. Several alternatiwesre investigated. In order to do
not have negative influence on the soil constitubhehaviour, the same soil was used
and a model pore fluid with higher viscosity buh#ar density as the prototype fluid
was adopted (Rowe and Craig, 1978). Hence, chahbgdoaulic conductivity was
obtained by altering the viscosity of the poredluh model pore fluid 1000 times
more viscous than water at 2C was developed, offering similar physical and

chemical properties of water.

The scale ratios applied for the centrifuge dynatest program are reported in Table
4-1. The respect of several geotechnical, geomatiicloading conditions resulted in

a scale choice of 1:60 (acceleration level N =60 g
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Parameter Prototype Centrifuge model
Length N 1
Acceleration 1 N
Stress 1 1
Strain 1 1
Time N 1
Force N 1
Soil density 1 1
Pore fluid density 1 (water) 1 (model pore fluif)
Pore fluid viscosity 1 (water) N (model pore fluid)
Soil hydraulic 1 (water) 1 (model pore fluid

Table 4-1. Centrifuge dynamic test scaling relation

4.3 Scope of the centrifuge tests

Dynamic centrifuge tests were performed on a modisison breakwater, founded on
medium-dense sand, without a bedding layer. Theradesof a bedding layer makes
the modelled structure especially representativeoftshore gravity platform. The

dimensions (caisson width of 13.5 m and water depthl.4 m in prototype scale)
are however representative for a caisson breakwatber than for an offshore
platform. Thus, the model simulates the behaviofirbmeakwaters where the
thickness of the rubble layer is small. The strietwas subjected to cyclic
horizontal loading simulating regular and irregulaave loading, until failure

occurred. Different aspects were attempted: finctritical failure mechanism;

investigate the influence of the loading schemealyme the development of

instantaneous pore pressures and residual poreupessn the sandy subsoil.

As discussed in Chapter 2, instantaneous pore yreess pore pressure fluctuating
during each wave cycle, caused by wave-inducedudtions of the water pressures
along the seabed and by the movements of the steudt is induced by an elastic
compression of the skeleton (positive instantanepage pressure) and by an
instantaneous decompression (negative instantarpmrespressure) in combination

with a limited drainage. Residual pore pressureaased by gradual contraction
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related to gradual change of the strength andnesf of the soil due to repetitive
loading or consolidation. Boundary drainage coodgiinfluence the development of
residual pore pressures. Both pressures stronglgndkeon the mechanical behaviour
of the soil under cyclic wave action and, generdlhey are not considered by the

traditional design approaches.

4.4Model structure and model set-up

Three adjacent caissons, one central and two edgaving three-dimensional
effects, constituted the modelled breakwater. Ia thesis, only the central caisson
behaviour has been considered, representativecoh@nuous breakwater wall. The
base area of the central caisson was 0.225 m [2p 0r2that means 13.5 m by 13.5
m in the prototype structure. The effective weightthe caisson was 40.5 kN/m
(2430 kN/m in prototype). The resulting effectiteess at the bottom of caisson was
179.5 kPa. The breakwater was founded on a satusgted layer with thickness
0.240 m (14.4 m in prototype). The Eastern Sched#did, fine offshore coastal sand
from Netherlands, was used for the soil layer. dsk layer of gravel of 0.03 m was
added around the structure (1.8 m in prototypeg WMater around the caisson was
not modelled and the absolute pressure correspgnainthe water depth was
obtained by applying a given air pressure on therated soil. As explained in the
previous section, the pore water was replaced avitligh viscosity fluid to prevent
pore flow scale effects. A layer of fluid coverd tmodel soil, in order to ensure the
saturation of the soil during the test. A plungactgator) provided the horizontal
force simulating wave action to the breakwater. pecsal frame to support the
hydraulic actuator was built, fixed to the side tbe model soil container. The
actuator was attached on this frame with a hingmthection which permits free
rotation along the horizontal axis perpendiculath® loading axis. This permits the
actuator to follow the structure motion without foebing the loading. No rotation
around the vertical axis was allowed. On the aotua counter weight was
connected to compensate the weight of the loadmagnd. The actuator was
connected rigidly to the loading frame of the camss Its point of application was
located at 0.19 m from the caisson bottom (11./mrototype, the simulated still

water level).
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Since the water around the caisson was not mod#iedlirect wave load on the
seabed could not be considered. The effect of theevaction on the seabed has been
accurately studied in the past (Prevost et al.518%adsen, 1978; Yamamoto et al.,
1978; Mei and Foda, 1980; Gatmiri, 1990). In thésts only the foundation
behaviour due to the wave-induced action transthitte the structure to the sand
underneath the caisson could have been modelled.

The caisson movements were monitored using onezdrmiel displacement
transducer (located in line with the point of apation of load, at 190 mm above the
caisson base) and two vertical displacement traxesduAlso these transducers were
located along the horizontal line of the actuatdt3 mm above the caisson base, at
70 mm from the centre line of the caisson, withumaltlistance of 140 mm.

Pore pressures were investigated at two differeptits, by means of two sets of five
transducers, distributed along the central axthefcaisson: the first one (serlg)
was placed at the interface between the structottorn and the soil layer; the
second one (seriddS) was located in the sand layer at 45 mm of depth (n in

prototype).

In Figures 4.1 and 4.2 the test model and a simaglischeme of the structure have

been reported.
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Figure 4.1 - Test model
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Figure 4.2 - Scheme of model structure (side view)
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4.5Loading scheme

Two different tests were performed in which sevestarms were simulated until

failure.

In Test 1two storms with irregular wave loading were sinteth a small storm of
short duration and a large one. Between the finst the second storm, a drainage

period of 300 s was applied (5 hours in prototype).

In Test 2a combination of irregular and regular wave logdivas simulated. It also
consisted of two storms, separated by a drainagmd@f 180 s (3 hours in
prototype). In the first storm a sequence of 8rtatparts”, each with a duration of
ca. 90 s (1.5 hrs prototype) was applied, somansparts with regular wave loading
and others with irregular wave loading. In the secstorm a sequence of regular 12
storm parts, also each with duration of 90 s, vaegpted until complete failure. More

specifically, the second test contained the follgyyparts:

- 1Mstorm partof regular waves, appliedith a load equal to about 60% of the

maximum peak load observed in the first test;

- sequence of 6 storm parts"{Z™) all with irregular wave loading, applied
until to obtain an additional horizontal deformatiequal to the deformation

reached during the™storm part (1.7 mm in the model scale);
- 8" stormpart of regular waves concluding the first storm;
- drainage time of 180 s;

- sequence of 12 storms partd(®0"), all with regular wave loading, making

up the second storm and applied until failure omlr

In both of the tests “failure” was declared as:

max Uver, Unor) =20 mm (1,2 m in prototype)

whereU,e: andUpor are respectively vertical and horizontal caissispldcements.

The value of 20 mm (1.2 m in prototype) was congdeas a “threshold” in which

the caisson loses its function.
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Figures 4.3 and 4.4 show, in model scale, the lmpdcheme applied during the two
tests. In the graphs, because of the model facpidgitive peak load corresponds to
the wave trough while negative peak load represtmswave crest. So, tension

forces have been considered positive.

Both in the first and in the second test the irtagwave model was based on the
results of some hydraulic tests performed in HR IWwgflord (Allsop et al., 1996)
and consisted of load parcel with duration of 9%6@.62 minutes in prototype). In
each parcel 48 waves were represent with wave gp@&rin0,2 s (12 s in prototype).
Figure 4.5 shows the irregular wave load. Eachleggiorm part was constituted of
eight blocks of regular wave loads with amplitudé2® times the maximum peak
load, followed by a final block with duration 6Q&0 minutes in prototype) (Figure
4.6). A number of 25 waves constituted each bladt 5 s of duration (5 minutes in
the prototype). Regular wave load had a very asgina) non-sinus type, shape and
the period was alsd = 0,2 s, with 33 ms for wave crest and 167 msvave trough.
Figure 4.7 shows a sequence of regular waves, \ahiletail of regular wave load is

reported in Figure 4.8.

In Table 4-2 details of the loading scheme are sarsad.
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Figure 4.3 - Test |: scheme of total load
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Figure 4.4 - Test Il: scheme of total load
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Horizontal Force (kN)
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Figure 4.5 - Test | and storm parts 2-7 of Tesril&gular wave load
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Figure 4.€- Test Ii: blocks of regular loads making up one storm fsdrm parts 1, 8,-20)
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Figure 4.7- Test II: sequence of regular wa
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Figure 4.8 - Test Il: detail of regular wave load
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TEST 1
Duration HPV I/wt HPVt
m P m p m p m p
(s) i (hrs)[ (kN) (MN/m) (kN) (MN/m) (kN) (MN/m)
First 1 450 25 1,0 0,267 0,05 0,013 2 0,534
storm
Second |17, 1g 15 0,400 0,10 0,027 5 1,335
storm
TEST 2
1%'and 8" storm parts with storm parts nrs 2 to 7 with
Duration regular wave loading irregular wave loading
First HPV, HPV; HPV, HPV;
storm | M P | m p m p m P m p
(s)  (hrs)[ (kN) | (MN/m) [ (kN) | (MN/m)| (kN) | (MN/m) | (kN) : (MN/m)
741 13| 0,5, 0,133 3 0,801 3 0,801 45 1,201

storms parts nrs 9-20, with regular wave loading

Duration
Second HPV; I/wt HPV;
storm m P M P m p m p
(s) (hrs)| (KN) (MN/m) (kN) (MN/m) (kN) (MN/m)
1092 18 3 0,801 0,3 0,080 6,3 1,682

Notation:

m = model; p = prototype

HPV, = initial highest peak value of wave load applied
I/wt = increment of peak wave load applied for lopdrcel (irregular wave) or storm part (regul

wave)
HPV; = final highest peak value of wave load applied

Table 4-2. Loading scheme

ar
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4.6 Model soil

The physical and mechanical characteristics of shied used in the model were
analysed in the Soil Mechanics Laboratory at Aajboniversity (Andersen et al.,
1997).

From the grain size distribution curve a well-sdrgand type resulted, withsg=
0.17 mm and Uniform Coefficient (dso/di0) = 1.52 (see Figure 4.9). The specific
weight is y= 2.65 and the maximum and minimum void ratiosedained on the
basis of the Danish Standard, akgx= 0.855 (porosityn = 46.1%) andey,in= 0.591
(porosity n = 37.1%). The two centrifuge tests have been dgrdcat a relative
density respectively dD = 58.1% andD = 58.0%. The values for the void ratio and
porosity were respectively= 0.68 anch = 40.4%. The hydraulic conductivity afy 1
wask = 2.0¥10* m/s.
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Figure 4.9 — Grain size distribution curve

Severaldrained triaxial testswere carried out with several loading and unlogdin
cycles (Andersen et al., 1997). Specimens with different void ratios have been
tested:e = 0.59 ande = 0.67. These values correspond, respectivelyelative

density ofID = 99 % andD = 68 %. Hence, tested specimens range from veryede

to medium dense.

Amongst the performed triaxial tests, in threelafmh un- and reloading cycles have
been executed before failure, during the hydrastaimpression, as well as during

the subsequent shearing part of the tests. In tlest® the characteristic state values
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were not determined. In the remaining tests, tlaeliltg and reloading cycles have
been executed only after the peak failure. In ¢hise the performed tests enabled to
determine stress and strain values corresponditigtive peak failure and with the
characteristic state (at which the behaviour ofg¢hed changes from contraction to

dilation).

In the graphs of Figure 4.10, 4.11 and 4.12 theasuresulting from a triaxial test
with loading and reloading cycles executed aftéduf@a on a specimen with void

ratio & = 0.67, have been reported.

The curves show clearly the dilative behaviour.nfFrthe stress-strain behaviour
observed during cyclic loading and reloading, tistéresis between the loading and
reloading lines appears. This means that plastiorak@tion occurred during the
stress reversals and a change of void ratio wasrexed. Moreover, besides the
hysteresis experienced during large stress regeritab observed that, the current
yield point reached, the stress-strain curve do¢s$atiow the direction of the curve
before unloading, but it continues beyond the curyeeld point. Hence, probably an

additive strengthening of the material was intragtic

For all the tested specimens, the following resufty the two void ratios

respectively investigated, were obtained:

a) e=0.59

slope of the drained failure envelolgle= 1.45

slope of the characteristic state lides, = 1.22

secant friction anglegs = 38.2

tangent cohesion and tangent friction angle:54.3 kPa;¢’ = 36.3

b) e=0.67

slope of the drained failure enveloldle= 1.56

slope of the characteristic state lides = 1.22

secant friction anglegs = 35.5

tangent cohesion and tangent friction angle: 36.7 kPag, = 34.1
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In Figures 4.13 and 4.14 the slopes Mf and Mcs. for the two void ratios

investigated are reported.

We observe that the characteristic state points lacated on a straight line,

independent of void ratio, that is the charactierstiate line.

From the performed tests has been observed thdig atame confining pressure, a
different stress-strain behaviour is evident fog tivo different void ratios. It has
been seen that the dilation is more evident forsieecimen with the smallest void
ratio. In general, dense specimens exhibit a lang®unt of dilation before the
maximum shear stress is reached, which causeseag#iening of the material.
Looking at the confining pressure dependency, thength of the sand increases

with the confining pressure.

Stress-strain behaviour observed during the testsayclic loading performed after
the failure, at the same confining pressure, ewddnthat the denser specimen
exhibits a stiffer stress-strain response and gefaamount of developed dilation
during the test. Dilation development is larger tloe test with the lowest confining

pressure, meaning that a higher strength is preséiis case.
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4.7 Measurements and test results

As follows, the results are separately discussethadel scale, for both tests and for

their loading parts.

Being the caisson a structure with three degredseetiom, the process leading the
caisson to fail is studied by analysing the timstdrly of horizontal displacements
(Up), vertical U,) displacements and tiltingW). In the graphs, vertical upward
displacements have been considered positive arlérsents negative. Horizontal
displacements towards the actuator (harbour-si@®p tbeen considered positive.
Rotations from the actuator direction to the vaitigpward direction have been also

considered positive.

Then, the measured pore pressures underneathitisercare studied. In the graphs,
pore water pressures are given with respect to atineospheric pressure. Pore
pressures were called respectiveBPP’ (excess pore pressures) if positive (higher
than the hydrostatic pressures) ahdP® (underpressures) if negative (lower than

hydrostatic pressures).

Although all the measured data have been analysedler to give an interpretation

of the failure mode, as follows only a few seleageaphs will be shown.

All the graphs of the measured displacements, iooimtand pore pressures are

reported in Annex |.

4.7.1 Testn. 1: twoirregular storms

This test was performed in two steps, simulating different storms, separated by a

drainage period of 300 s.
First storm
a) Deformations

In the first storm, before the drainage period,yvemall vertical and horizontal
displacements were recorded (Figures 4.15 and #1800 s <t < 250 s). The
maximum amplitudes of the horizontal displacemeatgjal to 0.3 mm (18 mm in

prototype), appear larger than the vertical ongsakto 0.1 mm (6 mm in prototype)
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at the harbour side. The values of settlementseaséa-side and the value of rotation

are very small (see Annex I, Figures A4 and A5).

b) Pore pressures

Instantaneous pore pressures increased with loddhanvalues in the subsoil were
usually larger than the values at the caisson bo{see Annex |, Figure A6 - Figure
A15, for 100 s <t < 250 s). This is in contrasttie general analytical pore pressure
distribution with depth induced by the rocking nootiof the caisson, for which a
decrease of pore pressure would be expected. Ryolokhinage along the caisson
bottom occurred. Below the caisson there may haea la thin zone with a relatively
high hydraulic conductivity, especially in the tsaincers closest to the edgésvl
and UMb5), where the gravel layer could have influenceddranage conditions. It
has also to be considered that the interface betwke caisson and the soll

constitutes a “discontinuity surface”.

Both below the caisson and in the subsoil the mawirkEPP was recorded at the
harbour-side (equal to 100 kPa below the caissdvil(land 185 kPa in the subsoil
(US2)). TheEPP s very low at the centre and increases at thesislea even though

it is lower than the values at the harbour-sideximam values of 25 kPa below the
caisson (UM1) and 55 kPa in the subsoil (US4)).

As concerns th&JP below the caisson, a minimum value WP = -30 kPa was
recorded at the harbour-side (UM1), while a valti&b = -45 kPa was recorded at
the sea-side (UM5). Very small values, almost zemre observed in the middle of
the caisson (UM3). The minimum valuesW® in the subsoil were -75 kPa (US2) at
the harbour-side and -90 kPa at the sea-side (US4).

The transducers placed in the subsoit &/10B (US1, US5) recorded very small
values of excess pore pressures and underpres3hissneans that, in this phase,

the loading has influenced only the area of subsnited by the base of the caisson.

No residual pore pressures were recorded.
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Second storm

In thesecond stornthe load was gradually increased to a maximum vaheekept at

this level for approximately 150 s (1.5 hours oatptype), until failure occurred.

a) Deformations and failure

A fast increase of both horizontal and verticalogiefation was observed during this
storm, with horizontal displacements larger thaa ¥Rrtical ones (see Figures 4.15
and 4.16 for 548 s €< 1622 s). Failure occurred after approximatel@Q.8econds
(about 18 hours in prototype) as an excess of botét displacements at the top of
the caisson. The maximum load applied at the erileofest was 5 kN (1.33 MN/m
in prototype). The failure was a combination of ihontal sliding and rotational
failure toward harbour-side (see also Annex |, FegA5), most likely due to the
asymmetry of the load, with a wave crest load miaecger than the wave trough

load.

The deformations were developed during the higheak loads of each wave train
(Figures 4.17, 4.18 and 4.19). The irregularity Hralasymmetry of the applied load
induced horizontal displacements larger than seétds. High peaks induce only
small additional vertical displacement and thedatgart of settlements is due to the
lower peaks. Conversely, high peaks of load caulsege increment of horizontal

deformation.

At larger loads the velocity of the generation dagptic deformations remains

constant and becomes independent of the peak load.

The failure did not occur as a consequence of otierae load but as a result of

several small plastic horizontal displacementgradtsufficient number of cycles.

At failure, horizontal displacements of 18.9 mm1@.m in prototype) were
measured and settlements of 12.4 mm (0.74 m irofyyme) and of 4.5 mm (0.27 m
in prototype) were respectively recorded at thdobar-side and at the sea-side (see
also Annex |, Figure A4). The rotation of the caissvas equal to 0.056 rad (about 3

degrees) toward the harbour-side (see Annex | r€ig5).
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b) Pore pressures

The analysis of pore pressures revealed no presgmesidual pore pressures at the
end of the test. It appears that the time neededréonage was smaller than the total

duration of wave train.

On the contrary, extremely high positive and negaihstantaneous pore pressures
were observed, also in this case usually largethénsubsoil than underneath the

caisson bottom (see Annex |, Figure A6-Figure Al5).

Both in the subsoil and at the interface, BfeP at the harbour-side was larger than
theEPP at the sea-side.

At the interface, maximum values &PP = 275 kPa andEPP = 90 kPa were
measured respectively at the harbour-side (UM1) a@nthe sea-side (UM5). The
minimum values ofJP were respectively equal tdP = -170 kPa at the harbour-side
(UM1) andUP = -185 at the sea-side (UM5).

In the subsoil, at the harbour-side (US2), the maxn EPP exceeded the
registration limit (550 kPa). Lower values were aigurecorded in the middle (US3,
EPP =170 kPa) and at the sea-side (USRP = 195 kPa).

An opposite distribution is observed for the undespures, although the differences
are not so remarkable in the minimum values (U82= -225 kPa; US3JP = -225
kPa; US4UP = -225 kPa).

It is important to observe that the minimum valeédJP are so low to exceed the
absolute minimum pressures, in which cavitatioruegcSo, because of values lower
than the cavitation values are physically impossilhey were probably caused by

the pore pressure transducers and should be didezha

The excess pore pressures recorded by the transdulaeed in the subsoil #t6/10
B (US1, US5) became significant in this phase. Timeans that some stress

redistribution occurred at large loads.

In both sidesEPP and UP did not increase linearly with load and the maximu
values did not occur at the maximum load appliedablower loads (see example of
Figure 4.20).
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Recorded values @&PP were so high to exceed the estimated applied wéogll of
the caisson at rest, being about 180 kPa, leadirtbink that the effective stresses

were likely to be almost zero. Nevertheless, liqogbn flow failure was not

triggered and the failure mechanism occurred agqusly discussed.

An interpretation of the occurred failure procdsssed on probable dilation effects

of sand, is given in Section 4.8.
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Figure 4.15 — Vertical displacements at the harizide
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Figure 4.20 — Example of non-linear behaviouEBP andUP with load

4.7.2 Test2: regular/irregular stormsand regular storms

First storm: 1™storm part” with regular wave loading
a) Deformations

Within the first storm part the caisson was nottedailure but it was loaded with a
load approximately equal to 60% of the maximum pkld observed in the first
test. This storm part resulted in an horizontabdeftion equal to 1.7 mm (0.10 m in
prototype). As opposed to the irregular loads,lesettnts larger than horizontal
displacements were recorded during these regudats|ocausing an increase of the
initial relative density. The regularity of the digd load seems to have significant
influence on the deformation mechanism, inducimgoest uniform settlements of the

structure. Values of settlements of 4 mm (0.24 rpristotype) were recorded at the
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harbour-side and values of 3.8 mm (0.23 m in pyg)t were measured at the sea-
side. Tilting of caisson in harbour-side directignvery small (0.085 rad, equal to

about 0.5 degrees).

Most of deformations (about 62% of total horizord&@placements) took place after
40 s (40 minutes in prototype) and they occurrecbimespondence of the increase of

each stepwise load (Figures 4.21 and 4.22).

b) Pore pressures

Underneath the caisson, for both of depths, theesdistribution of instantaneous
pore pressures observed during the first test eesrded, with higher values BPP
at the harbour side and higher value&)Bfat the sea-side (see Annex |, Figure A21-

A30, first storm part).

An important difference with the Test 1 is found &b pore pressure transducers: the
development of residual pore pressures. This caridazgly observed in the example
of Figure 4.23, between 290 s and 320 s. Everynssepload increase led to a new
generation of residual pore pressures. They warbgily developed because of the
short time between the highest peaks (0.2 s egu@l2 minutes in prototype) that
prevented the drainage. Residual pore pressures matrobserved in the first test
where the time between the highest peaks was lamggequal to 9.62 s. However,

they dissipated at the end of the storm part aed did not influence the failure.
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Figure 4.21 - Test Il (1storm ipart): vertical displacements at the hariside
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Figure 4.2%- Test Il (" storm part): development of pore pressure, indgdesidual por:
pressures at the harbour-side

60 280 300

First storm: 2% 7" “storm parts” with irregular wave loading
a) Deformations

By means of this sequence of storm parts an additioorizontal deformation of 1.7
mm was obtained (Figure 4.24). This was achievel @irregular storms parts after
520 s and with a highest peak value of ca. 5 kR3IMMN/m in prototype). During
the previous regular storm part, the same horizatgiormation was reached faster.
This can be explained because the peak load wdre@mring every wave in the

regular storms and just once in 48 waves in tlegular storm.

Vertical displacements were smaller than the haitizlo ones and they slowly
increased with time at the harbour-side (Figures}.@hile they remained almost

constant at the sea-side (Annex |, Figure AT8_2/" storm parts, 350s<t<950s).

b) Pore pressures
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Very high instantaneous pore pressures were redgofidee maximum values &PP
and UP were recorded during the last storm of the seqriésee Annex |, Figures
A21-A30, 7" storm part). Within this storm, underneath thessain bottom (UM1), a
value of 230 kPa oEPP was measured at the harbour-side, while lowereslu
respectively equal to 45 kPa and 40 kPa, were fauirtle centre (UM3) and at the
sea-side (UM5). In the subsaoil, at the harbour-$udig2), the maximum excess pore
pressure was significantly high (660 kPa), lowethat centre (US3EPP = 70 kPa)
and at the sea-side (USRPP = 130 kPa).

Also in this case, the maximum values BPP exceeded the estimated applied
weight load of the caisson at rest and it can hecéesupposed that the effective
stresses were likely almost zero. In spite of sa¢ligh values of thEPP and large

strains, the caisson did not fail for liquefactias, it could be expected.

At sea-side very high values 0P were induced. Below the caisson, a value of —90
kPa was recorded at the harbour-side (UM1) andwevaf —110 kPa was measured
at the centre (UM3) and at the sea-side (UMb). Tdlees of the underpressures in
the subsoil were very high, respectively equal 2@5-kPa at harbour-side (US2),
equal to -135 kPa in the middle (US3) and equal2®5 kPa at the sea-side (US4).

Also in this case, the values of underpressuregeamad the absolute minimum

(cavitation) pressures and values lower than c@émtahould be disregarded.

Larger values of excess pore pressures at the Umasie and lower values at the
sea-side, in combination with an almost opposirithution for underpressures,
may have induced larger settlements at the fraid sbmpared to the back. Here,

vertical deformations are practically negligible.

Concerning the pore pressures recorded by theduarss sited in the subsoil At
6/10 B, at the harbour-side the maximum excess pmssures was 115 kPa, while
at the sea-side was 55 kPa. The underpressuregegprectively —155 kPa and —125
kPa.

No residual pore pressures were found.



114

Chapter 4 +aboratory experiments: dynamic centrifuge tests

\
J

Uh (mm

Uv (mm)

Figure 4.25 - Test Il (2 -7" storm parts): vertical displacements at the harisiie

Upmax=1.7mm (0.10r
after ~520 s

2
el HHH ,,,,, L ’|.
’ L

1
O 1 1 1 | 1 I

35C 45C 55C 65C 75C 85(C 95C

Time (s)

Figure 4.24 - Test Il (2 -7" storm parts): horizontal displacements
-4

_5 L

-6t U, max =1 mm (60 mm)

-7r

-8 1 1 1 1 1 1

350 450 550 650 750 850 950

Time (s)



Behaviour of vertical caisson breakwaters under viagtaced cyclic loading 115

First storm: 8" “storm part” with regular wave loading
a) Deformations

Before the drainage period a last storm part ofileegwave loading concluded the
first part of the Test II. It had the same highgesk value applied in the previou® 1
storm part (3kN equal to 0.8 MN/m in prototype)tteenents quickly increased,
much more than during the irregular storm partsrbuth less rapidly than during
the first regular storm part. They were approxidyaggiual to 10% of the vertical

displacements caused by the first regular storm(pae Figure 4.26).

Such a reduction of settlements can be associatgutecycling” phenomena of sand
(Bjerrum, 1973, Andersen et al. 1976, Smits etl#l78), due to the cyclic action of
the previous storm parts, with higher loads apphedich induce compaction of the
soil and its increase in stiffness. The same effecbbviously observed on the
rocking motion of caisson. The “benefic” effectpecycling is particular interesting
from a practical engineering point of view and atshbeen observed also during the

life of real structures (Grisolia and Maccarini 029 Maccarini et al., 2005).

b) Pore pressures

As concerns pore pressures distribution along #ieson and with depth, behaviour
similar to the previous storm parts is observedu¥asimilar to the measured values
in the first regular storm were recorded (see AnheXigures A21-A30, 8 storm

part).

No residual pore pressures were found.
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Figure 4.26 - Test Il (8storm part): vertical displacements at the hariside

Second storm: 820" “storm parts” with regular wave loading until cortgie

failure

a) Deformations and failure

After the drainage period the test proceeded apglgeveral regular storm parts with
increasing amplitudes, until complete failure. &aloccurred after 12 regular storm
parts in 1090 s (about 18 hours in prototype) an28300 s from the beginning of test
(about 38 hours in prototype), inducing a maximwrizontal deformation at the top
of the caisson equal to 20.9 mm (1.25 m in prote}ypertical displacements at
failure were lower than the horizontal ones angeetvely equal to 14.1 mm (0.85
m in prototype) at the harbour-side and 6.5 mm9@Bin prototype) at the sea-side
(see Annex |, Figures A17, A18 and A19). Plastifodwation velocity increases
with the peak load. The displacement curves becsteeper from the 5storm part
and very steep from the 8storm part until failure, especially in the case o

horizontal displacements (see Figures 4.27 and .4.28
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In this case regular wave loading induced, at fajllnorizontal displacements larger
than settlements. This is apparently in contrash wie behaviour observed during
the first storm part, also with regular wave loadi®n the other hand, we note that,
before the 18 storm part is applied, settlements and horizoliaplacements
increase almost with a similar trend. From th& &&rm part until failure horizontal
displacements increase much faster than settlem@pizroaching the maximum

load (6.3 kN) the plastic horizontal displacemegibeities increased very fast.

The history experienced by the structure during ghevious irregular storm parts

could have had significant influence on the geneaiidson’s behaviour.

The observed failure mechanism, as in the casgagular storms, can be regarded
as a combination of horizontal sliding and rotati{@/05 rad equal to about 3.1
degrees, see Annex |, Figure A20) and it occurrecbr@ing to a step-by-step

process.

Detailed results (Figure 4.29, 4.30 and 4.31) shivevdevelopment of irreversible

displacements for each peak load.

b) Pore pressures

Once again the highest values of pore pressures induced in the subsoil and at

the edges of the caisson (see Annex |, Figures A1)

Underneath the caisson bottom, at the harbour{titiél), the maximum value of
EPP was 280 kPa and the maximus was —120 kPa. In the central zone (UM3)
the values ofEPP and UP were lower than the values at the edges and arline
increase with load is observed. At the sea-side §JMe maximunlJP was —200

kPa (exceeding cavitation pressure), while the marmEPP was 90 kPa.

Concerning the pore pressures in the subsoil, kigly values were measured at the
harbour-side (USZEPP = 740 kPa ant)P = —225 kPa). At the centre (US3) values
respectively equal t&PP = 130 kPa andJP = —220 kPa (exceeding cavitation
pressure) were recorded. At the sea-side (US4intdoemumEPP was 155 kPa and

the maximum underpressure was - 220 kPa (exceedwitation pressure).

As in the previous cases, values exceeding thetateoni pressure should be

disregarded.



118 Chapter 4 +aboratory experiments: dynamic centrifuge tests

The highest value dEPP was measured at harbour-side during th® <t8rm part.
During the same storm a strong increase of hor@aeformation was been also
observed.

Also in this caseEPP at the harbour side were so high that in thisaregti may be
supposed that the effective stresses become iastously zero, with
(instantaneous) tendency of sand to partially ligudlthough high values cEPP
and large deformations occurred, as observed ipri@ous storm parts and during
the first test, the failure did not occur as a lesiflow liqguefaction.

The pore pressure transducers in the soft 610 B showed respectively 255 kPa
(US1) and 40 kPa (US5) of maximuaPP and —105 kPa (US1) and —110 kPa of
underpressure (US5).

No underpressures were found.
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Figure 4.27 - Test Il (9-20" storm parts): vertical displacements at the harisale
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Figure 4.28 - Test Il (9-20" storm parts): horizontal displacements
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Figure 4.29 — Test Il (1Bstorm part): detail of applied force
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Figure 4.31 — Test Il (8storm part): detail of vertical displacement a& Harbour-side
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4.8 Failure mechanism: role of instantaneous pore presses and cyclic mobility

In the previous Sections it has been shown that,b@ih tests, failure occurred
according to a mechanism not expected and whiobtigenerally considered by the

traditional design approaches.

Failure involved the foundation soils but it didtrniake place as a consequence of a
specified significant wave load. A step-by-stepui@’s process was observed, with

progressive displacements and rocking motion towadharbour-side direction.

The direction of the sliding and rotation towardbwur-side can be explained by the
asymmetry of load, with wave crest much larger thawe trough, both for regular

and irregular storms.

The general pore pressure distribution along thee k@t the caisson, with higher
values ofEPP at the harbour side and higher valuedJ&f at the sea-side, can be
attributed to compression-decompression phenometieesand subsoil, due to the
rocking motion of the caisson. Positive excess poessures at the harbour-side can
be associated with the wave crest, while positkeess pore pressures at the sea-side
are induced by the wave trough. Since the wave geauch larger than the wave
trough, the induced values BPP are higher at harbour-side than at the sea-sige. A
concerns th&P they can be associated to the wave trough at tmbaside and to
the wave crest at the sea-side.

Values ofEPP at harbour-side higher than the estimated applieight load of the

caisson at rest, lead to the assumption that tHectafe stresses became
instantaneously (nearly) zero in a significant pefrithe potential rupture surface,
with possible tendency to liquefaction. On the otlmand, even though large

deformations are observed, liquefaction flow falaid not occur.

More detailed analyses of the development of poesgures with load make clear
that theEPP do not increase continuously with load, but argjreeduction follows

during the last part of loading and within the @dmng.

In Figure 4.32 an example of this behaviour hasnbeported. In the graphs are
respectively represented the wave cycle applied &mel development of
instantaneous pore pressures observed in the §udistiie harbour side, during the

Test I, 16" storm part.
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We observe that in correspondence of the first 6.(873.80 < t < 2073.85) and the
last 0.05 s (2073.90 « < 2073.95) the load applied is shifted to 1.5 ki¥, a
consequence of the previous part storms appliedl tfee measured pore pressure is

close to the hydrostatic pore pressure. Here, dheevofEPP andUP is zero.

As long as the wave crest is applied pore pressiagts to increase until a positive
peak ofEPP is reached. Then, meanwhile the wave crest isirstileasing, a strong

reduction of pore pressures follows. During unlogdpore pressures continue to
decrease but much slower than the reduction obdelweng the final loading phase.
The peak ofUP is reached before the occurrence of the wave lrotigen, during

the last part of wave crest unloading, pore presseems to slowly increase. The
behaviour of pore pressures induced by the wavaglkrdas not easy to be examined,

because of the small negative peak load applied.

The development oEPP at harbour-side during the first part of the wavrest
loading can be associated to isotropic compressiothe skeleton. The strong
reduction ofEPP during the same loading phase could be explaigettidotendency
of sand to dilate in undrained condition, mobiliggdthe shearing, in concomitance
of high deformations experienced by the sand. Ia klypothesis the tendency to

dilate during the final loading phase results otearease of pore pressure.

Such phenomenon might have played an importantimolee observed progressive
failure of the caisson. It follows, in fact, thainaplete liquefaction could not occur
since there was not a continuous and homogenotesaise of positive pore pressure,
not only at the end of the loading cycles but aldthin each cycle of loading.
Hence, the effective mean pressure did not becamnpletely zero but a sort of
local “recovering” of strength is supposed duriragte cycle. Correspondingly the
failure resulted in progressive limited soil defations without liquid-like flow and
the observed failure mechanism can be associatedyttic mobility failure

mechanism, according to the concepts discussetaptér 3.

This behaviour could also explain the non-linearali@oment of pore pressures with

load, as observed in the example of Figure 4.20.
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It is important to observe that two important caimtis contribute to suppose the

occurrence of phenomenon close to the cyclic mgbili

The first one is a sufficient high relative densifythe sand to mobilise dilation with
increasing loading. The dilative behaviour of sdras been already discussed in
Section 4.6.

The second one is the instantaneous limited dreimagditions that converted the
tendency to dilate in increasing of negative paesgures and consequent increasing

in effective stresses.

The drainage conditions depend on the wave perigdafd on the so-called
‘characteristic drainage period' of the s®di(ar pray. According to De Groot et al.
(2004), Tcuarprain IS mainly determined by a combination of two phbgsi

phenomena:

- elastic storage of some pore water in the porestauhe elastic compressibility

of the skeletond) and the compressibility of the pore watg; (

- flow resistance in subsoil, as determined by thenpability k) of the soil and

by the distanced) over which the excess pore water flows to théaser

Analytical modelling of these phenomena yields tbkowing expression of the

characteristic drainage period with a homogeneandysseabed:

Terarpran= d7/c,

whered is the characteristic drainage distance eyw k/{ ki (a + np)} is the elastic
consolidation coefficient, witlk hydraulic conductivityy, fluid unit weight, a and
Lrespectively elastic compressibility of the sketetand compressibility of pore
water, n porosity. In the centrifuge testis= 0.1125 m equal to the half width of the
caisson mk 02-10* m/s, a 05-10° m?kN and <<a (high degree of saturation).
Hence, values o€, (0 0.0066 /s and Tcuarpran 0 25 0 10 T are found. This
condition occurred during each load and consequentirained behaviour of a large

part of the relevant subsoil can be supposed.



Chapter 4 +aboratory experiments: dynamic centrifuge tests

124

2073.95

2073.90

1 O <= N ™ <

(N>]) 22404 [elUOZIIOH

2073.90 2073.95

2073.85

1000~

n,u n,u n,u n,u
S S o S
@ © < N

(ed) ZsSn ainssald a10d

Time (s)

Figure 4.32 - Test Il (1%8storm part): detail of wave load pealstantaneous pore pressures
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4 .9General Conclusions



Behaviour of vertical caisson breakwaters undereaiaduced cyclic loading 125

In this Chapter the foundation behaviour of vetticaisson breakwaters placed on

sand has been studied by analysing the resultgnafndic centrifuge tests.

Both in the first and in the second test, fladure mechanismconsisted in a

combination of horizontal sliding and rotation toddahe harbour-side. This can be
probably related to the asymmetry of the load, witve crest much larger than
trough wave. The horizontal displacement at failwes equal to about 20 mm (1.2
m in prototype) and the rotation was about 3 deglieeboth of the tests. The

maximum load applied was approximately equal tiN§k 3 MN/m).

Regular and irregular storms were simulated dutirggtests, showing that regular
loading induced higher plastic deformations andtefasead to failure than an
irregular loading, with the same peak load. Durihg regular storms, significant
settlements occurred as a consequence of cyclipacion of the sand. Settlements
of the caisson were determined for large part leypthmary load. In the second test
the level of the primary load was quite large (ludilthe failure load) compared to the

primary storm load in the first test. This indudadyer vertical settlements.

As concerns the mechanism of pore pressures, vglhyiristantaneous excess pore
pressures and underpressuraxccurred during wave crest and trough. The
instantaneous pore pressures follow the wave adtiosea directly and can be
distinguished from the reading by the sharp hige rpeaks. These fluctuations
occurred rapidly in time. All the values were u$pdaigher in the subsoil rather than
at the interface between the caisson and the dubsdioth of the tests, thEPP at
the harbour-side was usually higher than BRRP at the sea-side, where very high
values ofUP were recorded. Low values &PP and UP were measured in the

middle, so that the central zone can be regarded‘@ansition” zone.

A simplified scheme of instantaneous pore pressiigsgibution in the subsoil is

reported in Figure 4.33.

With regard to theaesidual pore pressuredue to cyclic compaction they occurred
only during the regular loading, as soon as thdieghpoad exceeded the previous
loads and only in the first cycles. This can balgamderstood remembering that in

the irregular storms the time lag between the twghdst peaks was 9.62 s, hence

enough long for drainage, while in the regular re®rit was 0.2 s, insufficient to
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allow the drainage. However, because of the rebielk@ess pore pressure occurred
only during the first cycles, they dissipated a& #nd of the storm part and they did

not influence the failure.

The short duration loads and the cyclic action getba complicated mechanical
behaviour of sand soil foundations. Compactionodf &d increase in stiffness, due
to the cyclic action of the previous storms, isdewit if the same storm occurs after
different several storms, with higher loads. If noued-dense sand with dilative

behaviour features the foundation and if undraimedditions are established,
phenomena of cyclic mobility are supposed to dguvelthis means that, although
very high values of positive pore pressures mayiioaaderneath the caisson, they
do not accumulate continuously to cause completpiefaction. A sort of

“recovering” of soil strength occurs during eactcleyand failure occurs step-by-

step, according to a progressive mechanism.

Wave load
Pore pressure
distribution along the
caisson in the subsoil
7 m Us4 us3 us2

v o | m v

foppiprot et

Figure 4.33 — Scheme of instantaneous pore predgsir#ution in the subsoil
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4.10 Additional research and numerical approach

In the previous Sections an interpretation of trechanism failure observed during
the centrifuge tests has been proposed and thelogewent of instantaneous

liquefaction and cyclic mobility phenomena haverbsepposed.

Although the dilative behaviour characterising thendation sand and the analysis
of the time history of pore pressures comparedh¢otime history of applied forces
seem to support such interpretation, on the otl@dhit could significantly be
important to study the mechanical response of semgtrneath the caisson in terms
of effective and total stress paths. This couldverthat the soil follows the typical
path of cyclic mobility. To confirm that, it wouldlarticular be important to carefully
investigate the cinematic aspects in the strudimmedation interaction, especially as
regards the deformation field characterising tHesei. Another point that should be
better analysed is the boundary drainage conditianthe sand underneath the
caisson, in order to verify if partial drainage kkbhave been developed, due to the

very high hydraulic gradient between the harbode sind the sea-side.

On the other hand, the research provides the basils useful to develop a
modelling activity based on experimental resultaimérical analyses aimed at
simulating the experimental behaviour observedrduthe performed experimental
tests may constitute a valuable tool to better tstdad the actual processes involved
in foundation soils and the mechanical responsthefsoil. A good analysis shall
adopt asophisticated constitutive model of s@ible to reproduce the behaviour of

granular soil under transient and cyclic loading.

Within this research, the implementation of a ssfitited model has been started
and only a few simplified tests, useful to verifyetcorrect implementation, have
been performed. Furthermore, simplified tests ubmsgjc constitutive model for soil,

has been started, in order to study the boundargitons of centrifuge tests and to

make a significant selection of the complex simeddbading conditions.

The numerical study is, however, just at the begmn
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Notation

B [mm]

c [m?s]

d [m]

EPP [kPa]

Fn [kN]

g [rPls]

h [m]

H [mm]

HPV;  [kN]

HPV; [kN]

1wt [kN]

wave)

Ip [%]

k [m/s]

m [l

n (%]

N [d]

p [l

T [s]

Tcrpra [S]

ts [s]

g [s]

Un [mm]

U, [mm]

UM []

upP [kPa]

us []
[m?/kN]
[m?/kN]

y [kN/mS]

Vo [kN/m?]

caisson width
elastic consolidation coefficient
characteristic drainage distance
excess pore pressure
horizontal force
Earth’s gravity
layer thickness
caisson length
initial highest peak value of wave load applied
final highest peak value of wave load apglie

increment of peak wave load applied foatl parcel (irregular wave) or storm part (regular

relative density

hydraulic conductivity

model

porosity

acceleration gravity

prototype

wave period

drainage characteristic period

dissipative or consolidation time

dynamic time

horizontal caisson displacement

vertical caisson displacement

series pore pressure transducers at thescaibottom
underpressure

series pore pressure transducers in theoflubs
elastic compressibility of the skeleton
compressibility of the pore water

specific particle weighy= 2.65

water unit weight
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Conclusions and Resear ch Needs

State of the art and research motivations

The geotechnical aspects of vertical breakwategsnat yet well known and the
foundation design is mostly based on stationarypkiied methods and practical

formulae.

A literature survey has revealed that many strestso designed and realised have
sometimes experienced important failures or sigaift damages. Most of failure
modes, correctly investigated, have to be assatiatth the dynamic nature of the

wave loads.

Many studies have been carried out on the effethieflirect sea-wave action on the
seabed but many uncertainties characterise thendgnaave-structure-foundation

interaction, not yet well investigated.

Particular interesting, from a geotechnical poihwview, is the effect of the wave
action transmitted by the structure on the meclsmesponse of soil foundation.
This effect will depend on several different aspeag nature of wave load, thickness
of the rubble layer, nature of soil foundation, tien of cycles, stress history

experienced by the soil, boundary drainage comnitietc..

The understanding of the foundation response towtee-induced cyclic loading
appears useful to explain the reasons for failiresases apparently properly
designed and to improve the design that shall denghe mechanical response of

soils.

129
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The research

This research has been referred to vertical bref@ra/dounded on medium-dense

sandy subsoils, without rubble layer.

A preliminary detailed study of mechanical behaviotisands under monotonic and
cyclic loading has shown that the mechanical respoof granular soils depends

mainly on their granular structure and relativesign

Contractive and dilative behaviour assumes sigmifiamportance in relation with
the boundary drainage conditions. Conceptsligfiefaction flow failure flow
structure steady state conditigrflow liquefaction surfacgephase transformation

line, true cyclic liquefactiorandcyclic mobilityhave been introduced.

On the basis of extensive experimental centrifugeestigations, the failure

mechanism of a caisson breakwater model has bediedt

The structure was founded on a layer of medium-eeasurated sandy subsoil. The
physical and mechanical characteristics of the as®&tl in the model have been
preliminarily investigated. Triaxial tests with diag and reloading cycles evidenced

the dilative behaviour of sand.

The occurrence of regular and irregular stormsheen simulated until failure. The
critical failure mechanism has been studied by medrmeasurements of caisson’s
displacements (vertical and horizontal) and rockingption. Pore pressure
transducers enabled to observe pore pressurebdisbn along the caisson and in
depth.

The influence of the loading scheme on the stretturesponse has been studied.
Regular and irregular loads cause different modedeformation: regular loads
usually induce settlements larger than horizontspldcements, while the opposite
occurs during irregular unloading. If the samemstarccurs after several events with
higher load, the previous cyclic wave action inducempaction of soil and increase
in stiffness. Strengthening of the soil structusevard the cyclic wave action and

toward the impact of successive bigger storms seoked.

The failure mechanism has shown that, in all logdbonditions, the collapse is

induced according to a progressive mechanism urejggtitive loads. The wave
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action led to oscillatory motions and residual psnent deformations of the

structure, causing a “stepwise” bearing capacityri@in the subsoil.
The development of pore pressures played a signifiole in the failure process.

Residual pore pressures due to cyclic compacti@uroed only during the regular
loading and only in the first cycles. Drainage dtinds influenced their
development. However, they dissipated at the ertlettorm part and they did not

influence the failure.

Very high values of instantaneous excess pore yressspecially at the harbour-
side, has risen the question whether “liquefacti@t’least “pore pressure build-up
after each load cycle”, may have played a role he failure or rather an

accumulation of small irreversible strains at répet peak stresses.

Although high values of instantaneous pore pressuieveloped underneath the
caisson, they did not accumulate continuously taseacomplete liquefaction flow

failure, unlike expected.

The dilative nature of sand and the instantaneadsained conditions, with drainage
time larger than time of load application, lead ttunk that phenomena of
“instantaneous liquefaction” and “cyclic mobilitygvere probable responsible of

failure process.

Non-linearity development of pore pressure withdldaistory, decrease of pore
pressure during loading and increase of pore presduring unloading lead to
support that hypothesis. This means that, althabhghhigh impacts of wave loads
caused high values of pore pressures, a recovefisgil strength may have been
occurred during each cycle and failure was develoggep-by-step, with a

progressive mechanism. This could explain the oeskfailure process.

Research needs

The discussed cyclic mobility phenomena constiiteinteresting interpretation of
the observed failure mechanism. However, to bensifimally validated, the analysis
of the mechanical response of sands, in termsfettefe and total stress paths and

deformation field experienced by the soil, shoutd Kmown. Furthermore, partial
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drainage, due to the very high hydraulic gradiestiieen the harbour-side and the
sea-side, should be excluded.

On the other hand, the research provides the badE useful to develop a numerical
modelling activity based on experimental resultsm¢rical analyses may constitute
a valuable tool to better understand the actuaige®es involved in foundation soils
and the mechanical response of the soil. A gootysisashall adopt aophisticated
constitutive model of sgilable to reproduce the behaviour of granular soder
transient and cyclic loading. In this thesis theagalised plasticity model (Pastor et
al. 1990), describing the behaviour of sands una@notonic and cyclic loading, has
been presented. It has been studied in order to igamplementation in a finite
element code and to perform numerical analyses latmg the experimental
program. Within this research, the model has bestlypimplemented and only a
few simplified tests, useful to verify the correchplementation, have been

performed.

Furthermore, a program of simplified tests usingiba@onstitutive model for soil,
has been started, in order to study the boundamglitons of centrifuge tests and to

make a significant selection of the complex simaddbading conditions.

These numerical studies are just at the beginning.

“Practical engineering” aspects

The “Geotechnics of Marine Structures” is still #ite beginning and several

uncertainties still characterise the design ofigarbreakwaters.

The research makes a contribution to better uraleisthe complex mechanisms
between caissons wave-induced cyclically loaded switl foundation. This is of

great interest in the practical engineering design.

For a real problem the understanding of failure esobdecomes even more complex
than in laboratory, due to the great numbers dbfadhat characterises the “in situ”

conditions.

The monitoring of the behaviour of real structurdmsed on specific field

observations and measurements, may constitute wabial tool to improve the
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knowledge of the “in situ conditions”. Within thtkesis, the monitoring of a real
vertical caisson breakwater, wave-induced cyclcdtladed for a long period,

constituted an interesting opportunity to bettedenstand the behaviour of the

structure founded on a rubble layer and posed ndyssubsoil.
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APPENDIX |

Results of centrifuge tests

First Test: pages 135 — 149
Second Test: pages 150 - 164
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Appendix I

Settlements of a real vertical caisson breakwater under wave-

induced cyclic loading

1. Introduction

As previously mentioned, this PhD research has beanially supported by
“Impresa Pietro Cidonio” S.p.A, specialised Comgarfor civil and maritime works

which promoted the research activity.

Gratefully to this Company, which made the datalalike, in the framework of this
PhD we had the opportunity to follow extensive rigu@ works carried out in the
Port of Civitavecchia (Rome, West Coast of Italjfis port has been recently object
of an important renovation and modernisation, Ewiof a significant expansion of
the port itself. Insofar, a breakwater called “@dero Colombo” has been prolonged
for a total extension of about 1100 m. A first pafithis extension, 510 long, was
carried out between 1998-2000. A second part, 570omg, has been realised
between April 2003 and June 2004 and the supetstrucs still under construction
and it will be completed within June 2005. The kweater is a monolithic
breakwater realised by using seventeen concretsara for the first part and
nineteen caissons for the second part. Each caissttnlength equal to 30 m, width
equal to 20 m and height equal to 20 m, is mulliedewith a granular fill inside
each cell. Caissons are placed on an importaritribgs of rubble layer founded on
sandy subsoils. The original seabed is 30+35 nvb#ie sea level. The structure has

been subject to non-breaking waves conditions.

During the construction of the breakwater, monitgrof caissons displacements was
carried out. The measurements, collected by mefas accurate geodetic levelling,

were performed on the two sides of each caiss@asgo monitor the displacements
of both sea-side and port-side of the breakwateth@d same time, continuous wave

parameters were recorded by a wave-meter sitetbyndae breakwater area.
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The study has been performed preliminarily forfirg extension of the breakwater
(Grisolia and Maccarini, 2004), in order to estim#ie expected settlements for the

second extension and to determine the proper tnpéate the superstructure.

The monitoring period for the first part is betwedovember 1998 and December
2000 and the recorded measurements include themptat of the first caisson until
the complete carrying-out of the superstructure. Asdarthe second extension is
concerned, the measurements of settlements areetfe the period between April
2003 and November 2004.

Collected data enabled to do interesting obsematan the breakwater's behaviour
under wave-induced cyclic action and to relate tfyserved settlements to the

following aspects:

a) placing and filling of caissons, during which the settlements candsersdially
related to the initial compressibility of the sedbend, mainly, of the rubble

layer, in “loose” conditions before the placemeinthe caissons;

b) cyclic wave loading with consequent variation of pore pressure andcéffe

stresses in the rubble layer and in the subsoil;

c) wave action due tasignificant storms which have different effects on the
displacements, depending on the time at which tibensoccurs, with respect to
the state of construction of the breakwater andh® occurrence of others

previous storms.

Figures 1 and 2 show the first extension alreadgpteted and the superstructure of

the second part, still under construction.
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Figure 1

Figure 2
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2. Ground profile and geotechnical characterisation

Site soil classification and geotechnical charasé¢ion have been performed by
analysing the results of boreholes, in situ anddatory tests. A topographic survey
of the seabed was also carried-out. For the firdersion the geotechnical
characterisation has been performed on the basis pEvious geotechnical study
(Marchetti, 1981), while for the second part a #pext geological survey and
geotechnical investigations have been carried &igures 3 and 4 show the
planimetry for the two extensions of the breakwater Figures 5 and 6 the
longitudinal sections for the first and second paet shown. In the first case (Figure
5) the thickness of the rubble layer ranges betwean(below caisson n. 2) and 11
m (below caisson n. 9), due to the seabed deptlordyst the rubble layer and the
original seabed, a layer of “tout-venant” of 2.50realised with dense sand mixed to
gravel, has been placed. The original seabeddhasacterised by a layer of gravel
mixed to sand of about 4.00 m of thickness. Thesulastrate of stiff silty-sand
features the subsoil. As far as the second extensicconcerned (Figures 6), a
different geotechnical situation is present. Beltve rubble layer (that ranges
between 8 and 12 m) and the constant thicknessutivenant (equal to 2.5 m), a
layer of sandy soil is found. The thickness of thiger is strongly variable, amongst
10 m (boreholes S1, S6) and 2+3 m (in the remainimgstigated zone). The
substrate is characterised, in this case, by saml dense silty-sand mixed to
fragments of carbonate rock. In Figures 5 and @, deotechnical parameters
deduced for all the soils have been reported. limportant to observe that the
Young's modulus for the rubble layer is not alwagsy to evaluate. In fact, even
though the material is usually very stiff, the laymay be greatly compressible
because of the highly loose conditions and the highld ratio of the gravel
established during the placement of the materiaé Young modulus, equal to 10
MPa, has been deduced from a back analysis ofetieraents recorded during the
placing and filling of the caissons. Figures 7 &show a simplified scheme of the
structure and some cross-sections of the subsoils.
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PORT OF CIVITAVECCHIA
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Figure 5. Ground profile and geotechnical scherh&xtension
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Cross sections | Extension
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3. Recorded settlements

3.1 Total settlements

Both, in first and second extension of breakwasettlements were measured by

means of topographic levelling of four targetssiagwn in Figure 9.

SEA-SIDE PORT-SIDE

A.—HB

Figure 9. Targets position

The graphs in Figures 10-13 and 14-17 show thé detplacements recorded for all
the caissons during the whole observation periadl the wave characteristics, in
terms of significant height, frequency and duratibhe Figures 10-13 are referred to
the first extension and the Figures 14-17 are mefieto the second extension of the
breakwater. In both of cases only the storms wiginiScant height higher than 2
meters have been taken into account. From the gyaeftlements due to the filling
of the caissons and settlements due to the wavenacan be distinguished. In the
second extension this is particularly evident foe toldest” caissons, for which a
longer period of observation is available. For dltigers caissons (caissons 15-19 and
caisson 7), nowadays the effect of the filling t@mainly observed. As regards the
wave parameters, unfortunately, the data betweee 2003 and August 2003 are
not available. On the other hand, not significaatras occurred in this period of the

year.
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The typical curve of settlements of the caissons been reported for the two
extensions in the graphs of Figures 18 and 1chdémext sections the different share

of settlements are discussed.
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3.2 Settlements due to the filling of the caissons

The average settlements recorded immediately thigefilling are reported in Figures
20 and 21 for all the caissons. They can be maialgted to the immediate
settlements of the rubble layer, characterised lapresiderable thickness (ranging
between 7+11 m in the first extension and betweek?8n in the second extension)
and by a high void ratio in initial conditions. heange between 25+45 cm for the
first extension and between 40+50 cm for the seaottdnsion. The higher values
recorded in the second case can be attributedetditiher thickness of the rubble
layer due to the larger depth of the seabed. Ih bbthe cases we observe that larger
values are often associated to the simultaneousr@re of important storms
during the filling of the caissons. This has beeserved for the caissons 3, 12 and
15 of the first extension, for which settlementspectively of 50 cm and 44 cm have
been measured. In the second extension, settlemiatghe filling increase with the
depth of the seabed and they range between 60+76raraissons 12, 13, 14, 16, 17,
18 and 19. Most of these caissons (12, 13, 14nil718) were subjected to the action
of relevant events during the filling. A differebp¢haviour has been observed for the
caissons 7 and 15 for which the recorded valuedoaver and equal to around 30
cm. The caisson n. 7 is an “edge” caisson thatfiled on March 2004 and placed
on a rubble layer most likely already made denséhbypositioning of the adjacent
caissons, filled several months before. Furtherpaltbough several relevant storms
were recorded amongst the positioning and thendillof the caisson, they did not
have significant influence since, for its posititine caisson was not directly exposed
to the wave action. A singular case is the diffeeerecorded for caisson 15 and 16,

for which two quite different values of settleméatve been recorded.
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3.3 Settlements due to the sea wave action

Transient and cyclic wave loads are transferrethéorubble layer and to the seabed
directly by the wave motions and through the mowvetérocking and swaying) of
the caissons. The effect experienced by the satirain-cohesive soils under cyclic
loads is the tendency of the grains to rearrarfgdel are in a loose condition and
the drainage is allowed, then sandy soil will bduiced to become denser, with
consequent deformations and settlements at thacsuriThe value of the induced
settlements will depend on the characteristics epetitive loads and on the
geotechnical parameters of the soils (i.e. reladiemsity, permeability, homogeneity
of the layer etc.). During the first period of thiie the caissons are subjected to the
wave-induced cyclic loading that induces a progvesseduction of the void ratio in
the foundation soils and consequent settlementsrder to evaluate this share of
settlements, we have considered the behaviour efctissons where important
storms did not occur for a long period after tHénfy (caissons 7+11 in the first
extension and caissons 2+6 in the second extensid@® measured values range
between 4+10 cm in the first part and between 1Cerh4n the second part. In both
of cases the displacements tend to fade withirfitke30+70 days (Figure 22 and
23), depending on the exposure time to the waviergafter which the settlements
remain almost constant until the occurrence offitts¢ significant storm (Figure 24
and 25).
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3.4 Effect of important storms

During the construction and the monitoring of threedkwater, several important

storms occurred, causing a significant increasetifements.

In the graph of Figure 26 the settlements causeti@aissons of the first extension
by three significant storms, occurred respectivelNovember 1999, in December
1999 and in July 2000, have been reported. We ctimse events because all the
caissons, a part from the 16 and 17 ones, were letehpfilled at least since one
month when these events occurred. Hence, it islfeds relate the settlements only
to the storms and the measurements are not infaklog the simultaneous effect due
to filling and ordinary wave motion. The occurregest in December 1999 was an
exceptional storm with significant height of 4.76and return time of 30 years. It
caused the sliding of the caissons 16 and 17, eiotiled when the event occurred.
In the graph, we note that the storm of Novemb&9liduced low settlements for
the “oldest” caissons (1+11), ranging between 4 ahdtm. These caissons were
earlier completed and subjected to the wave loafting longer period. Conversely,
the behaviour of the “youngest” caissons+(12) is rather different, with settlements
ranging between 17 cm (caisson 12) and 36 cm (@ai&$). It is evident that the
same storm caused different settlements, deperwhnthe re-arrangement of the
grains induced by the former protracted repetiiveve loading. The exceptional
storm of December 1999 induced effects considerdblyer. The measured
settlements for all the caissons are lower tharcri0and for the “oldest” caissons

they are practically negligible.

It is interesting to note that the two storms wameilar for frequency, but the second
one was more powerful than the first one for sigaiit height and for duration. So,
we may conclude that for all the caissons, exceptedthe last two ones, the
displacements were mainly due to the action offit# storm (November 1999).

Such behaviour can be related to the “beneficidfeots of the “precycling”

phenomena. As shown from several laboratory t&jerum, 1973, Andersen et al.
1976, Smits et al., 1978) cyclic loading with camqsent pore pressure dissipation

may modify the soil structure and the resistanciitther pore pressure generation.
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Precycling phenomena may happen over small storiostp the biggest storms and
also during the first part of the design storm @teot et al., 2001).

Finally, the latter storm of July 2000 induced Isstients only on the caissons 16 e
17 and the displacements induced on the othersaraswere practically null (not
reported in the graph). The low value of the setdets (equal to 2.5 cm), even
though the storm occurred immediately after thin§jl can be related to the stress
history experienced by the soils over the previexseptional storm. During this
storm the caissons 16 and 17, not yet filled, veergously damaged. These caissons
were replaced and filled on May 2000, during theaffistages of the breakwater
construction (first extension). It is evident thia¢ soil over which the caissons were

placed was made dense and strengthened by thepsestiorm.

As regards the second extension similar behaviasieen observed. In the graph of
Figure 27 we note that the first event was the raiggtificant for settlements. All the
caissons, in fact, experienced an immediate inereésettlements ranging between
10 cm (caisson 2) and 16 cm (caisson 8). It isrésting to note that all the events
later occurred, even though characterised by highkeres of Hand longer duration,
caused settlements ever more smaller. From thehgnap also observe that the
caissons that did not follow this “law” and, consely, experienced important
settlements, were the ones lately filled and forcWwhhe event occurred immediately
after the filling. These higher values of settletseran be hence justified since the
storm occurred before the complete stabilisatiorsettlements due to the static
loading.

Also in this case precycling phenomena inducedhgy storms firstly occurred, in
spite of their lower power, strengthened the doilcture and increased the resistance

to further settlements.

In the pictures of Figure 28 the breakwater subpkdb the action of storms is

represented.



Settlements (cr

186 Behaviour of Vertical Caisson Breakwater Under Whduced Cyclic Loading
40 -
3 | o 12
0 13
30 4
EZS—
< ° 14
2 20 |
g o 15
[}
= 15 {
Q
[92]
01 °
8111 :
5 | o
o é 1+15 , 17
O T o T T T 16
o3 9 O N N
e&’g Oec’g Qéo'g @/y@ Qfa-" 30\’0
Figure 26. Effect of important storms (I Extension)
30
e 15
25
e 9
13
20 ¢ 16
o 11 .
e 8
15 e 6
85143
L[]
0| 2 8 .1 14
12
. . .15 o 17 .1%8
> 1:6 § . . o7 : ;
o 0§20 Y111 1415 17 1:16 _
0 419 8 e ] 1+14 g 0 1517
. . L & & N g &S F & . &
© ® s & %0\\ Oeo & <<éo qu ?55\ R\ N

Figure 27. Effect of important storms (Il Extengion



Appendix Il —Settlements of a real vertical caisson breakwater under wave-induced cyclic
loading 187

Figure 28. Construction of superstructure (Il Esien) under the storm of 3 ebruary 2004

(photo’s Pietro Cidonio S.p.A)
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4. Final remarks

The monitoring of a real vertical caisson breakwdtas been valuable to better
understand the behaviour of the structure foundea eubble layer and posed on

sandy subsoil.

Settlements can be mainly associated to the belmavid the rubble layer,

characterised by important thickness.

Great part of the displacements is systematicatiyced by the static loading due to
the placing andfilling of the caissons. At the end of the filling, settents between

25 and 50 cm have been recorded, depending on epth if the seabed and,
consequently, on the thickness of the rubble layethe depth of the seabed
increases, larger settlements are recorded. Fordrer the occurrence of the storm
during the filling or immediately after the fillingnduces significant increase of

initial settlements.

A further increase of displacements is caused by‘dndinary” cyclic wave loading
that accelerates the dissipation of pore pressufé® wave action induces
settlements in the order of 10+15 cm, that occuhiwithe first 1+3 months and
would tend to fade within 6 months in absence gbantant storms. If in the first
periodsignificant storms occur, the process may be faster without any effacthe
final values of settlements.

During the “normal life” of the caissons, the ogeunce of significant storms induce
an increase of settlements that are higher asttmm ss the “first” occurred. The
highest values of settlements (ranging between 3Qh) have been recorded in
concomitance of the event earliest occurred, irtespf lower values of Hand

duration of the events. This means that after the $ignificant storm, the next

storms cause ever more small settlements untib toad have any effect at all.

From a geotechnical point of view, on the basigh# observed behaviour, it is
evident that the superstructure, which cannot addesignificant settlements, has to
be realised not only when the settlements appebe &tabilised but at least after the
occurrence of the first significant storms. Ontythis case, in fact, the process of

reduction of the void ratio can be considered atrsompleted and the soil structure
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strengthened toward the cyclic wave action and tdwhe impact of following
possible storms.
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