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A B S T R A C T   

This work focuses on the design trade-off aspects related to the structural behavior of tall buildings subjected to 
the actions of wind and earthquake and on the feasibility of adopting innovative low-damage structural systems 
and connections combining engineered wood and steel. A multi-hazard approach is developed and proposed, 
through the use of an efficient equivalent baseline reference to compare the structural performance under two 
independent whilst competing hazards. Following a capacity-vs-demand approach an Acceleration Displacement 
Response Spectrum (ADRS) domain, well established in the earthquake engineering environment, is suggested to 
be extended and adapted to wind design. The innovative procedure is developed and implemented with reference 
to two case study tall buildings, 18 storey and 36 storey high, respectively. The use of either traditional steel-only 
connections or innovative low-damage steel-timber hybrid - unbonded post-tensioned rocking-dissipative – 
connections are employed and compared. Two difference constructions sites are considered: 1) a high seismicity 
and low wind zone and 2) low seismicity and high wind zone. A Direct Displacement Based Design (DBDD) 
procedure is firstly implemented to design the structural system targeting the desired level of seismic perfor-
mance. Then the effects of wind loading are estimated through the analytical procedure provided by the Italian 
National Research Council (CNR), which allows to calculate wind-induced forces and peak floor accelerations. 
Peak interstorey drifts are selected as seismic performance indicator, while peak floor accelerations are selected 
as wind performance indicator with the intent to focus on the building occupants’ comfort serviceability limit 
state. The predicted structural performances are then numerically validated through time series/history analyses 
under earthquake and wind loading with a lumped plasticity global model of the case-study buildings. Finally, 
the structural responses under the two actions are compared within the proposed innovative common baseline 
ADRS domain, allowing to establish the governing design hazard depending on the intensity levels and adopted 
return periods. Based on these developments, a true multi-hazard approach is proposed for the preliminary 
design phase of a building subjected to wind and earthquake loading.   

1. Introduction 

Due to the growth of population density and the increasing of the 
level of urbanization, in recent decades, there has been a significant 
development of tall buildings worldwide. In parallel, innovative struc-
tural systems in engineered wood – laminated timber - have been 
introduced in the seismic design of tall timber buildings with the aim of 
increasing their seismic safety and performance [1]. The most common 
and emerging types of engineered wood used in the construction of 
modern buildings are the Glued Laminated Timber (GluLam), the 
Laminated Veneer Lumber (LVL) and the Cross-Laminated Timber 
(Cross-Lam, or X-Lam, or CLT). All of them consist of wood slim layers 

(40–50 mm or 3 mm veneer) glued together (either uni-directionally or 
alternating parallel and perpendicular to grain boards, respectively) to 
the assembly of beam elements. Laminated Timber solutions maintain 
the structural and sustainability qualities of natural wood with a sig-
nificant reduction of the geometrical and continuity imperfections, 
leading to significant increase in the mechanical properties of the 
resulting element (e.g. strength and E-modulus parallel to grain). One of 
the main perceived drawback (or, better, prejudice) of the use of wood 
as structural material in seismic regions is arguably related to its limited 
ductility, something that potentially limits its wider implementation in 
seismic-resistant structures unless adequate connection solutions and 
details are implemented. In this context, in recent years 
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high-performance low-damage technologies have been developed with 
the goal of minimizing the structural earthquake-induced damage. 
Starting from the development of PRESSS-technology since the late ‘90s 
for precast concrete structures [2,3] these advanced solutions were 
extended and adapted to engineered wood structural elements and 
systems, opening new perspective for the extensive use of timber as a 
sustainable material in the design of multi-storey open-space buildings. 
Such hybrid rocking-dissipative connections (beam-to-column, 
column/wall-to foundation) rely on the combined use of unbonded 
post-tensioned tendons/bars and dissipative elements in the form of 
internal mild steel bars or external and replaceable “Plug&Play” dissi-
paters [4]. The unbonded post-tensioned tendons/bars act as an elastic 
spring providing a fundamental self-centering capability to restore the 
structure to its pre-earthquake undeformed position with no resi-
dual/permanent deformations and negligible damage to the structural 
elements [5]. 

In addition, the internal mild steel (Fig. 1a) or external replaceable 
“Plug&Play” dissipaters (Fig. 1b,c) provide a significant energy dissi-
pation capacity, reducing the overall deformation/displacement/drift of 
the structure. 

The typical moment-rotation behavior of a hybrid connections, 
associated to this peculiar self-centering and dissipative mechanism, is 
referred to as “flag-shape” (Fig. 2). The hysteretic area of the loop de-
pends on the ratio between the (re-centering) moment contribution 
provided by the post-tensioned cable and the (dissipative) one provided 
by the dissipative devices: the higher this ratio, the smaller the area (and 
thus the dissipation capability) of the cycle. 

Up to now, the implementation of engineered wood elements to 
replace floor beams in steel buildings, in combination with hybrid 
rocking-dissipative unbonded post-tensioned connections, has been 
limited to low-rise buildings, and their design has been mainly devel-
oped in the field of earthquake engineering [8]. Furthermore, the 
introduction of such type of advanced structural connections and sys-
tems have prompted a suggests a change in the seismic design philoso-
phy. In fact, current best practices in seismic design of ordinary 
structures, are based on the human life protection (Life Safety) with 
secondary importance given to the repair- and service interruption- 
costs. In a more advanced and comprehensive performance-based design 
philosophy instead, it is essential to limit the damage to both structural 
and non-structural elements and control the structural dis-
placement/interstorey drifts which can compromise the service-
ability/operational state of the building. This can be achieved by the 
combined adoption of low-damage technologies, on one hand, and a 
Direct Displacement Based Design (DDBD) procedure [9] on the other 
hand, that allows to design structures targeting desired level of 
displacement performance Given the rocking-dissipative mechanisms of 
unbonded post-tensioned low-damage systems a displacement-based 

design procedure is also inherently and particularly suitable to control 
the behavior of the connections and overall systems. 

This paper gives a contribution in the direction of extending the 
application of engineered wood elements in combination with hybrid 
jointed ductile connections to mid-rise and tall buildings located in 
earthquakes and wind-prone areas. Focus will be given to the use of 
hybrid low-damage steel column and timber beams rocking dissipating 
connections, through the use of unbonded post-tensioned tendons/bars 
through the beam-column interface. A framework for a multi-hazard 
performance-based design considering both wind and seismic perfor-
mance criteria and objectives is developed and proposed. 

Assessing the effects of the wind in the design of tall structures is 
crucial because, as the height of the building increases, the relevance of 
the effects induced by the wind increases as well [10], as depicted in  
Fig. 3. Usually, the main design issue for slender (mainly made in steel) 
tall buildings under wind is related with the excessive wind-induced 
floor accelerations [11], that can cause discomfort to the building oc-
cupants. As a result, the Serviceability Limit State (SLS) performance 
criteria tend to govern the design when compared to those related to the 
Ultimate Limit State (ULS). The design guidelines “CNR-DT 207 
R1/2018″ [12], published by the Italian National Research Council, 
provides a procedure to estimate the peak floor accelerations and their 
associated limit values not to be exceeded in order to ensure the comfort 
of the occupants of tall buildings. As shown in Fig. 3, when the funda-
mental frequency of the building falls in a range where the spectral 
magnitudes of wind and earthquake are comparable, a trade-off between 
design configurations as independently driven by the two hazards is 
necessary. 

In this paper, the structural response of steel–timber buildings 
adopting unbonded post-tensioned rocking/dissipating hybrid connec-
tions, when subjected to wind and earthquake loading, is investigated 
and compared with the response of an equivalent (same floor plan and 
height) steel buildings with more traditional connections (benchmark). 
Two case study buildings are selected: a mid-rise (18 storeys) and a high- 
rise (36 storeys) ones, with a square plan. The two above-mentioned 
DDBD and CNR approaches are used for the preliminary design of the 
buildings under earthquake and wind, respectively. Both methods lead 
to hazard-intensity dependent design solutions, meaning that the design 
configuration reached by the DDBD and the CNR methods is dependent 
on the construction site seismic and wind hazards, respectively. By 
carrying out the design of the two building in different sites (e.g., high 
seismicity and low-intensity winds, or low seismicity and high winds), 
the preliminary sizing of the structural elements is first developed by 
considering vertical and seismic loads, and then the performance under 
wind loads is assessed. The effectiveness of this integrated design pro-
cedure is validated through non-linear dynamic analyses: 12 natural (i.e. 
recorded ground motions) seismic signals are selected and scaled to be 

Fig. 1. Internal (a) versus external (b), (c) replaceable dissipaters/fuses at the base-column pier connection (after [6]).  
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compatible with site-dependent design-level earthquake spectra in each 
case, while 12 sets of turbulent wind forces time series are numerically 
generated starting from the wind turbulence spectra compatible with the 
selected sites and depending on the aerodynamic of the structure. 

As specified in Petrini et al. [13], and by others [14], when dealing 
with these type of structural design scenarios, there are a number of 
issues to be addressed in order to obtain a true multi-hazard design. One 
of these issues concerns the so called “unified framework problem”: 
different hazards should be treated by a common language and common 
frameworks to efficiently compare their effects in the analysis of the 
performances panorama (see also [1]). In this view, the performances of 
the different case-study structures under the two hazards are compared 
within the so-called ADRS (Acceleration Displacement Response Spec-
trum) domain, commonly used in earthquake engineering studies. This 
allows to understand what hazard is dominant for the building perfor-
mances on a case-by-case basis. The extension of the ADRS method to 
wind engineering problems is the second original contribution provided 
by this paper. Then the ADRS comparison method is used for proposing 
some true multi-hazard design considerations. 

Section 2 provide the description and implementation of the DDBD 
and CNR performance-based design approaches, adopted in this study. 
In Section 3 the performances of innovative relatively tall steel-timber 
buildings equipped with hybrid connections are analyzed under wind 
loading. In the final Section 4, multi-hazard design considerations are 
developed by considering two independent (but competing) hazards for 

such kind of structures, with the effort of developing and proposing an 
approach to compare the different hazards by using a common language, 
in turns leading to the extension and implementation of the ADRS ca-
pacity spectrum approach to wind engineering. 

2. Performances based design methods under single hazards 

2.1. Direct displacement based design (DDBD) for earthquakes 

The fundamental concept behind the DDBD [2,9] is that structures 
should be designed to achieve a target level of performance, defined by a 
limit drift (or ductility, rotation, deformation), under a specific level of 
seismic intensity. A displacement spectrum is used (entering with the 
target displacement) instead of a more typical acceleration spectrum. 
The multi-degree-of-freedom (MDOF) structure is converted into an 
equivalent single degree of freedom (SDOF) system, characterized by the 
secant stiffness at the target design displacement and by an (Area-based) 
equivalent viscous damping, given by the combination of the elastic 
damping and hysteretic energy absorbed during the inelastic response. 

The three key parameters of the SDOF system, namely Target/Design 
displacement, Δd, the Effective Mass, me and the Effective Height, He, are 
derived as follows: 

Δd =

∑n

i=1
(miΔ2

i )

∑n

i=1
(miΔi)

(1)  

me =

∑n

i=1
(miΔi)

Δd
(2)  

He =

∑n

i=1
(miΔiHi)

∑n

i=1
(miΔi)

(3)  

where mi, Δi and Hi are the ith storey mass, the displacement profile and 
the height for the storey “i” respectively, and “n” is the number of sto-
reys of the building. For tall buildings, as the fully dynamic response is 
the sum of the response of each mode, a SDOF representation un-
derestimates the base shear and thus section demands in the structure. 
So, during the DDBD procedure, the allowable design displacements are 
reduced by the higher mode effects reduction factor, ωθ (with ωθ 
=1.15–0.0034 Htot from Priestley et al. [9]). This reduction takes into 
account the excepted increased deformations of the system at the design 
level due to additional higher mode forces neglected in the SDOF 
approximation. 

The target/design intersorey drift at the critical floor θd is the starting 
point of the DDBD approach and is selected by the designer in 

Fig. 2. Typical moment-rotation “flag-shape” hysteretic behavior of hybrid connections (modified after [7]).  

Fig. 3. Frequency range of structures excited by wind and earthquake 
(after [10]). 
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accordance with the desired/acceptable level of performance. The 
design drift θd can be expressed as the sum of an elastic drift θy 
component and a plastic drift θp. 

The equivalent viscous damping, ξ, can be estimated depending on 
the design displacement ductility, µΔ, of the system [9,15–17]). Since 
the latter is directly linked to the yield displacement, Δy, the correct 
definition of the displacement profile of the structure under lateral 
forces (e.g. by a non-linear static analysis) is essential. Then the evalu-
ation of the damping allows to reduce the seismic displacement design 
spectrum through a damping-based reduction factor in order to obtain 
the effective period of the system, Teff. The period Teff is fundamental for 
the estimation of the effective design stiffness Keff, (Eq. 4), the base shear 
(Vb) and the floor forces that will be applied along the height of the 
structure. 

Keff =
4 • π2 • me

Teff
(4) 

The key steps of the DDBD approach are shown in Fig. 4. The base 
shear Vb obtained at the last step of the flowchart can be used together 
with the displacement profile of the building in order to trace back the 
floor shear at the different building heights and then to design the 
building columns and the beam-columns connections. 

2.2. Users’ comfort based design for wind 

The CNR-DT 207 R1/2018 [12] guidelines, provides within a single 
document the key principles and rules necessary for an engineer to study 
the behavior of buildings under wind actions in a preliminary design 
phase. 

Usually the wind-resistant structural design of low-damped mid- and 
high-rise buildings is driven by the comfort performances requirements 
for the building occupants. It is recognized that excessive floor accel-
erations can induce discomfort in building’ occupants [11], with 
consequent activity disruption. It is thus fundamental to estimate the 
value of the along-wind, across-wind and torsional accelerations at the 
center of torsion of the upper floors of the building, associated with the 
average wind speed with return period of 1 year or 10 years [19]. The 
designer should verify that the values of along-wind and across-wind 
peak accelerations remain below certain perception thresholds al. The 
latter thresholds are related to the dominant vibration frequency in each 
main vibration direction (also referring to the mean wind direction or 
orthogonally to it as along- or across-wind), which is often taken equal to 
first vibration natural frequency of the structure (n0) along the investi-
gated direction. The vibration thresholds are also related to the intended 
use of the building (apartments or offices) as expressed in Eq. (5) and 
shown in Fig. 5. 

al =

⎧
⎪⎪⎪⎨

⎪⎪⎪⎩

a0

n0.56
0

forn0 < 1Hz

a0for1Hz ≤ n0 ≤ 2Hz

0.5 • a0 • n0forn0 ≥ 2Hz

(5)  

where: 
a0 is the peak acceleration reference value, taken as 6 cm/s2 for of-

fice buildings and 4 cm/s2 for residential buildings;. 
n0 is the dominant oscillation frequency (taken as the first natural 

frequency of the building in the considered direction). 
The peak accelerations experienced by the building under the design 

wind depend on the characteristics of the incident wind and the dynamic 
and aerodynamic properties of the building. The CNR-DT 207 R1/2018 
[12] provides an analytical approach to allow the designer the estima-
tion of the peak accelerations experienced by tall buildings at the top 
floor under the design wind. When the peak acceleration values are 
higher than the recommended limit (Fig. 5), it is necessary to increase 
the damping of the system either by adding supplemental vibration 

control devices, or by changing the building design. 
The peak acceleration in the across-wind direction (most-critical one 

for square-plan tall buildings shown in Fig. 6) is evaluated as: 

aaL(z) = gL • σaL(z) (6)  

where: 
gL is the across-wind peak factor (Eq. 8);. 
σaL is the standard deviation of the across-wind acceleration at height 

z: 

σaL(z) =
0.5 • ρ • v2

m(h) • b • h
mL

CL • RL • ΦL(h) • ΦL(z) (7) 

Fig. 4. DDBD procedure (modified after [18]). Meaning of symbols is specified 
in the main text. 
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where: 
ρ is the air density (1.25 kg/m3);. 
vm(h) is the mean wind velocity, evaluated at z = h, for a design 

return period TR suitable for habitability assessment;. 
b is the building width;. 
h is the building height;. 
mL is the generalized mass related to the building first vibration 

mode;. 
CL is the aerodynamic force coefficient;. 
RL is the across-wind resonant response factor (Eq. 9);. 
ΦL(z) is the first across-wind mode shape. 

gL =
̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅
2 • ln(nL • T)

√
+

0.5772
̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅
2 • ln(nL • T)

√ ≥ 3 (8)  

where: 
nL is the fundamental across-wind eigen-frequency of the building;. 
T is the mean wind velocity averaging time interval, T = 600 s 

RL =
π • SL

4 • ξL
(9)  

SL =
∑m

j=1

4kj • (1 + 0.6 • βj) • βj

π
(nL

nsj
)

2

[1 − (nL
nsj
)

2
]
2
+ 4 • β2

j • (
nL
nsj
)

2 (10)  

m =

{
1d/b < 3
2d/b ≥ 3 (11)  

d is the side size of the building 

k1 = 0.85 (12)  

k2 = 0.02 (13)  

β1 =
(d

b)
4
+ 2.3 • (d

b)
2

[2.4 • (d
b)

4
− 9.2 • (d

b)
3
+ 18 • (d

b)
2
+ (d

b) − 0.15]
+

0.12
(d

b)
(14)  

β2 = 0.28 • (
d
b
)
− 0.34 (15)  

ns1 =
0.12

{1 + 0.38 • (d
b)

2
}

0.89
vm(h)

b
(16)  

ns2 =
0.56
(d

b)
0.86

vm(h)
b

(17)  

where: 
ξL is the damping ratio in the first across-wind mode;. 
vm(h) is the mean velocity, evaluated at height z = h;. 
β1, β2 are dimensionless coefficients (Eqs. 14 - 15);. 
ns1, ns2 are dimensionless parameters (Eqs. 16 - 17);. 
If not evaluated by a modal analysis of the building, the fundamental 

across-wind natural frequency of the building nL used for evaluating 
both the peak acceleration (Eq. 8) and the perception thresholds (Eq. 5), 
can be preliminary evaluated within a range suggested by the CNR and 
depending on the examined case: 

nL =
1

0.024 • h
÷

1
0.020 • h

for steel buildings (18)  

nL =
1

0.015 • h

÷
1

0.012 • h
for steel–timber buildings with more rigid connections

(19) 

The lower bounds of the frequencies range are used for the ultimate 
limit state checks, while the upper bounds are valid for the habitability 
checks. 

3. Performances of steel and steel-timber buildings with 
different heights 

In this section, the above-mentioned analysis methods are applied for 
the performance assessment of some case study buildings under wind 
and earthquake loading. 

The four case studies analyzed consist of two mid-rise buildings (18 
storeys) and two tall buildings (36 storeys). All four structures are reg-
ular in both plan and height, made by seismic-resistant frame system, 
while in the central part of the plan they have a brace core with 
“Buckling Restrained Brace” (BRB) braces. Two of the four case studies 
(one with 18 storeys and the other with 36 storeys) are made entirely of 
S355 steel, while the other two have steel columns and braces while the 
beams are made of engineered wood. It is in the two buildings with 
timber beams that the hybrid unbonded post-tensioned connections 
described in the previous sections are introduced. 

The buildings are modeled in the SAP2000® FE commercial code, 
and their structural members are pre-sized under vertical loads. Then 
the hybrid beam-column connections (with “Plug&Play” dissipaters) of 
the steel-timber buildings are sized by applying the DDBD procedure. 
The performances of the case-study prototype buildings are then 
assessed by applying nonlinear time history analyses under earthquake 

Fig. 5. Perception thresholds in terms of peak acceleration values for office as a 
function of the dominant oscillation frequency (a) and residential buildings (b) 
(after CNR 2018). 

Fig. 6. Rectangular plan tall building (modified after CNR 2018 [12]).  
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loading and the simplified CNR procedure plus nonlinear time history 
analysis under wind loading. The goal of the section is twofold:  

i) testing the efficiency of the DDBD and of the CNR procedures in 
designing this type of buildings by assessing their performance 
through non-linear time history analyses and comparing with the 
targeted design levels;  

ii) compare the performance of the two buildings typologies (steel or 
steel-timber with hybrid unbonded post-tensioned connections) 
under the two hazards when applied separately; also investigate the 
influence of various level of seismic or wind hazard intensities 
associated to the construction site. 

The performance analyses are carried out for the case-study build-
ings both at the serviceability limit state (SLS) and at the ultimate limit 
state (ULS). The SLS corresponds to the damage limit state for a return 
period TR = 101 years for the earthquake and to the occupants’ comfort 
limit state for a TR= 10 years for the wind, while the ULS corresponds to 
the life safety for the earthquake (TR=949 years) and to “linear elastic 
operational condition” with TR= 100 years for the wind [19]. 

This approach, implying the definition of an initial design configu-
ration by considering a single hazard (e.g. earthquake for the hybrid 
low-damage connections) and then the check of the performances of that 
configuration under another hazard (e.g. wind) represents the tradi-
tional design approach carried out in current practice [20,21]. 
Furthermore, an alternative and improved integrated design procedure 
to pre-size the building configuration and structural systems/elements, 
following a multi-hazard approach (earthquake plus wind) will be pro-
posed in Section 4. 

3.1. Description of the buildings, construction sites and FE modeling 

The first two case studies consist of 18-storey, three (7.35 m long) 
bays buildings, with regular configuration in plan and elevation, relying 
upon a central core with Buckling Restrained Braces (BRBs) and 
perimeter frames. In the first building configuration (Fig. 7) the 
perimeter frame connections consist of traditional shear-resisting steel 
bolted connection, while in the second building configuration hybrid 
steel-timber low-damage solutions are adopted, consisting of steel col-
umns connected to GluLam engineered wood beams through unbonded 
post-tensioned tendons/bars and external replaceable Plug&Play dissi-
pation devices. 

The BRBs [22] consists of a central steel core, its bond-preventing 
layer and its casing. The steel core is designed to resist the full axial 
force developed in the bracing, the bond-preventing layers decouples 
the core from the casing, which through its flexural rigidity, provides 
lateral support against the buckling of the steel core element. The latter 
is typically made of concrete-filled steel tubes. Because BRBs achieve a 
high level of ductility, they can absorb significant amount of energy 
during cyclic loadings, thus, the interstorey drifts as well as the seismic 
internal actions (moment, shear, axial load) applied to the structure is 
efficiently reduced. 

For each considered limit state “LS”, the peak ground acceleration 
(PGALS) and the mean wind speed at sea level (Vm-LS) are taken as in-
tensity measures for earthquakes and winds, respectively. Two different 
construction sites are then considered for each building, namely a high- 
seismicity and moderate-wind (PGASLS = 0.406 g; Vm-SLS = 25.0 m/s), 
and a low-seismicity and high-wind (PGASLS = 0.182 g; Vm-SLS= 30.0 m/ 
s) region. 

The same pre-design and investigation has then been carried out for 
two additional 36 storey (total height of 126 m and plan area of 25.5 m x 
25.5 m) configurations with same structural schemes and same 
connection typologies. For all the four building configurations the floor 
slabs consist of a composite concrete-steel solution, with corrugated 
metal sheets and a 15 cm thick concrete slab. 

All the case study buildings have been modeled in SAP2000® Finite 
Element code by using a lumped plasticity approach with linear-beam 
elements and rotational springs/links at the rocking-dissipative inter-
face. Modal linear dynamic (response spectrum) analysis and time- 
history analyses are carried out to confirm the results obtained with 
the simplified DDBD and CNR design methods described above. In the 
numerical model, both material and geometric (associated to the rock-
ing mechanism) non-linearity are accounted for by adopting a lumped 
plasticity approach. 

The BRBs have been modeled by using multilinear plastic links of 
BRB Hardening type [23]. 

Concerning the steel buildings, in accordance with the Capacity 
Design method, aimed at maximizing the building ductility, while pro-
tecting from brittle local and global mechanism, the formation of axial 
plastic hinges is expected in bracing members, while combined axial- 
bending plastic hinges are expected in columns (especially at the base). 
On the contrary, for this configuration, bending plastic hinges are not 
expected in the beams since they do not contribute to the lateral struc-
tural response. 

Fig. 7. 18-storey case-study building with traditional bolted connection (the connections shown refer to the X and Y directions).  
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In the low-damage timber – steel buildings (Fig. 8), the hybrid con-
nections are modeled as two links (moment-rotational springs) in par-
allel with proper hysteretic rules: the first one is non-linear elastic to 
represent the self-centering behavior of the unbonded post-tensioned 
tendons, while the second one is elastoplastic with hardening to repre-
sent the dissipative contribution of the Plug&Play devices. 

In Table 1, the main characteristics of the structural elements rep-
resenting the FEM model are reported. 

3.2. Pre-sizing of the case study buildings 

The structural elements of the case study buildings have been pre- 
sized to satisfy specific checks requirements under vertical permanent 
and variable loads (the latter ones taken equal to 30% of the full load 
scenario). The non-structural weights include the internal partitions, the 
facades, the screed, the services, and the ceiling. The following acci-
dental loads are considered as classified by the Italian Standards for 
structural design NTC2018: an anthropic load corresponding to the 
service category B1 (offices closed to general public), an anthropic load 
corresponding to the service category H (roof accessible only for 
maintenance and repair) for the roof slab and the snow load. 

The values of the loads considered in the analyses are reported in  
Tables 2 and 3: 

The aforementioned loads have been applied according to the com-
bination rules specified by the Italian Standards for structural design 
NTC2018 at paragraph 2.5.3. 

As regards the beams, a section height equal to 1/20 of the span has 
been initially assumed and then checked against bending, shear and 
deformability requirements. 

Based on the aforementioned loads, the column section has been also 
selected and checked against compression failure and Euler instability 
mechanism by considering a reduced capacity equal to 30% of the full 
Eulerian buckling load. 

Since the total axial load acting on the columns decreases with the 
height above the ground, the size of the columns reduces every 6 floors 
for case study buildings with 18 floors and every 12 floors for 36 storeys 
case study buildings. 

As regards the central part of the buildings, it is made up of the BRBs 
which have been entrusted with 50% of the resistance to seismic loads 
(the remaining 50% is assigned to the perimeter frames). As explained in 
the previous sections, they have been designed such that the central core 
absorbs the full axial force with the external casing contrasting the 

buckling. The behavior of these elements is characterized by stable and 
repeatable hysteresis cycles, which allow the structure to reach a high 
level of ductility and dissipate a significant amount of energy [22,24, 
25]. 

The following Fig. 9 illustrates the described behavior of the BRBs. 
Regarding the connections, as already mentioned, in the steel 

building configurations the beams are connected to the columns by 
means of bolted connections. In this case, for simplicity, the connection 
elements (bolts and L-shaped plates) have not been explicitly sized. On 
the other hand, in the timber – steel building configuration the con-
nections are made up of two elements (post-tensioned cable and external 
dissipaters) whose sizing was actually carried out for each seismic ac-
tion. For this reason, their characteristics are provided in the next 

Fig. 8. 18-storey case-study building with hybrid connection (the connections shown refer to the X and Y directions).  

Table 1 
main characteristics of FEM model elements.  

Steel columns and steel beams 

Elastic Modulus (MPa) 210 000 
Shear Modulus (MPa) 80 770 
Yield strength (MPa) 355 
Ultimate strength (MPa) 510 
Specific weight (kg/m3) 7850 
GluLam engineered wood beams 
Elastic Modulus, parallel (MPa) 14 700 
Bending strength (MPa) 36 
Tension strength, parallel (MPa) 26 
Compression strength, parallel (MPa) 31 
Shear strength (MPa) 4.3 
Tension strength, perpendicular (MPa) 0.6 
Compression strength, perpendicular (MPa) 3.6 
Elastic Modulus, perpndicular (MPa) 490 
Specific weight (kg/m3) 450 
Shear Modulus (MPa) 910 
Braces 
Type Link MultiLinear Plastic 
Hysteresis type BRB Hardening 
Hardening factor 1.15 
Effective damping 0.02 
Unbonded post tensioned tendon 
Type Link MultiLinear Elastic 
Yield strength (MPa) 835 
Effective damping 0.02 
Plug&Play devices 
Type Link MultiLinear Plastic 
Hysteresis type Hardening 
Effective damping 0.02  
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section. 

3.3. Seismic DDBD and hybrid connections sizing 

The seismic design procedure DDBD has been applied to each case 
study building. The first step was to define the target drift in accordance 
with the desired level of performance. Subsequently, the MDOF struc-
ture has been transformed to an equivalent SDOF system as described in 
Section 2. In this regard, it has been necessary to assume the displace-
ment profiles: given the combination of a frame system with a braced 
core, similar to a dual system, it was reasonable to expect a linear pro-
file. A higher mode modification factor ωd (Eq. 20) for the target 
displacement has been introduced to take into account the higher mode 
effects, which can be significant in tall buildings [9]: 

ωd = 1.15 − 0.0034Hn (20)  

where Hn is the height of the building (expressed in meters). 
Then, the ductility of the structural system (μSYS) is given by the 

contribution of the MRF and BRBs, and its energy dissipation capacity 
(ξsys) has been assessed as [26,9,15]: 

ξsys =
(MMRF • ξMRF + MBRB • ξBRB)

MMRF + MBRB
(21)  

where: 
MMRF is the moment entrusted to the resistant frame system;. 
MBRB is the moment entrusted to the resistant BRB system;. 
For steel buildings the damping of two resistant systems is evaluated 

as: 

ξMRF = ξsteelframe,MRF − kMRF • (ξconventional − ξsteel) (22)  

ξBRB = ξsteelframe,BRB − kBRB • (ξconventional − ξsteel) (23)  

kMRF = μMRF
λ (24)  

kBRB = μBRB
λ (25)  

μMRF =
θd

θyMRF
(26)  

μBRB =
θd

θyBRB
(27) 

λ is a correction coefficient and it is − 0.617;. 
θd is the target drift;. 
θy is the yield drift;. 
ξsteel is 2%;. 
ξconventional is an elastic damping level, taken equal to 5%; 

Table 2 
vertical permanent and variable loads considered in the analyses for the four 
cases study building at site with high seismicity and low wind.  

Site with high seismicity - low wind   

18- 
storyes 
Steel 
building 

18-storeys 
Steel-timber 
building 

36- 
storyes 
Steel 
building 

36-storeys 
Steel-timber 
building 

Structural weights G1 

(kN)  
1112.83  896.20  3462.15  3108.08 

Interstorey slab 
weight g2 (kN/m2)  

6.07  6.07  6.07  6.07 

Roof slab weight g2 

(kN/m2)  
6.07  6.07  6.07  6.07 

Stairs load for 
interstorey slab q 
(kN/m2)  

4.00  4.00  4.00  4.00 

Anthropic load for 
interstorey slab q 
(kN/m2)  

2.00  2.00  2.00  2.00 

Anthropic load for 
roof slab q (kN/m2)  

0.50  0.50  0.50  0.50 

Snow load q 
(kN/m2)  

1.62  1.62  1.62  1.62  

Table 3 
vertical permanent and variable loads considered in the analyses for the four 
cases study building at site with low seismicity and high wind.  

Site with low seismicity - high wind   

18- 
storyes 
Steel 
building 

18-storeys 
Steel-timber 
building 

36- 
storyes 
Steel 
building 

36-storeys 
Steel-timber 
building 

Structural weights G1 

(kN)  
1129.38  863.88  3353.25  2818.84 

Interstorey slab 
weight g2 (kN/m2)  

6.07  6.07  6.07  6.07 

Roof slab weight g2 

(kN/m2)  
6.07  6.07  6.07  6.07 

Stairs load for 
interstorey slab q 
(kN/m2)  

4.00  4.00  4.00  4.00 

Anthropic load for 
interstorey slab q 
(kN/m2)  

2.00  2.00  2.00  2.00 

Anthropic load for 
roof slab q (kN/m2)  

0.50  0.50  0.50  0.50 

Snow load q 
(kN/m2)  

1.00  1.00  1.00  1.00  

Fig. 9. (a) Representative hysteretic curve for a BRB test specimen (after [24]), (b) bilinear curve force-displacement (right).  
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ξsteelframe,MRF = 0.05+ 0.577
(

μMRF − 1
μMRF • π

)

(28)  

ξsteelframe,BRB = 0.05+ 0.577
(

μBRB − 1
μBRB • π

)

(29) 

For steel-timber buildings with hybrid connections, the damping of 
two resistant systems is evaluated as [26,16]: 

ξMRF = ξeq,v + k • ξeq,h,v,MRF (30)  

ξBRB = ξeq,v + k • ξeq,h,v,BRB (31) 

ξeq,v is between 2% and 5%;. 
k is a reduction factor used to correct the hysteretic damping (the 

suggest range is 0.6–1); 

ξeq,h,v,MRF =
βF • (μMRF − 1)

μMRF • π • [1 + r • (μMRF − 1)
(32)  

ξeq,h,v,BRB =
βF • (μBRB − 1)

μBRB • π • [1 + r • (μBRB − 1)
(33)  

r is a post-yield stiffness ratio between 0.1 and 0.3;. 
βF is the re-centering ratio of the global system (flag loop param-

eter);. 
The estimation of the damping of the structure allowed to calculate 

the seismic spectral reduction factor ηm0 [9] 

ηm0 =

̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅
01

0.05 + ξsys

√

(34)  

which has been applied to the 5%-damped elastic displacements spec-
trum to obtain the damped design one. Entering the spectrum with the 
target displacement, the effective target period is derived and conse-
quently the effective stiffness (Eq. 4) and the base shear (see Fig. 4). 

By distributing the base shear along the height of the building, the 
internal actions in the members (bending moment, shear, axial load) are 
evaluated and thus the hybrid connections are sized both in terms of 
post-tensioned tendons/bars (amount, location, unbonded length, initial 
post-tensioning) and Plug&Play (size, shape, fuse diameters and length) 
devices [4]. 

The values of the key DDBD design parameters for the four examined 
case-study buildings at the two considered construction sites are re-
ported in Tables 1 and 2. 

Fig. 10 illustrates the moment-rotation hysteresis (capacity) of a 
connection for one of the analyzed case study buildings. 

3.4. 3.4 Simplified performance analysis under wind 

Figs. 11 and 12 show the wind-induced peak acceleration values for 
the top floor in each case study, obtained for the different sites, at the 
considered return period TR= 10 years, by following the CNR simplified 
procedure described in previous Section 2.2. In general, it can be noted 
that steel buildings are subjected to greater accelerations than the steel- 
timber counterparts. Across-wind accelerations are assumed to be rele-
vant only for the 36-storey higher buildings and have not been evaluated 
for the 18-storey cases. 

3.5. Time history analyses 

Linear Dynamic (response spectrum modal) analysis and Nonlinear 
Time-History Analysis (NLTHA) have been carried out in order to assess 
the performances of the alternative design configurations under wind 
and earthquake loading respectively, and the efficiency of the simplified 
design/performances analysis methods adopted above. The NLTHA for 
seismic loading consist of the application of base acceleration time series 
to the FE model. The time histories were extracted from the archive of 
the INGV (Italian National Institute of Geology and Vulcanology). 
Tolerance limits were defined within which the accelerogram may 
deviate from the reference spectrum (10% below and 30% above). 

A total of 12 acceleration input ground motion have been adopted for 
each considered construction site. 

The NLTHA results, derived from the application of the 12 acceler-
ation time series, are presented in terms of maximum interstorey drifts 
and compared to the target drift values adopted in the DDBD design 
phase (see Table 4 and Table 5). Interstorey drift results are shown in  
Fig. 14 and in Fig. 15 for the site with high seismicity. In addition to the 
response under each single seismic signal, indicated by “THi” (with 
i = 1,2,…12), the average value and its standard deviations (“sd” in 
figure) are presented. From the figure, it is clear how nonlinear dynamic 
analyses show the importance of higher modes, which were not properly 

Fig. 10. Hybrid steel-timber post-tensioned connection: (a) morphology; (b) moment-rotation flag-shape hysteresis behavior.  
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captured by the simplified design procedure. Specifically, the relevance 
of higher modes is visible through an increase in drift from the 12th floor 
for 18-storeys structures (Fig. 14) while, for 36-storeys ones, the increase 
is more evident from the 24th floor onwards (Fig. 15). The target drift set 
during the DDBD design phase is achieved with good approximation for 
the 18-storey building, while it is (in average) exceeded in the upper 
floors of the 36-storey. . 

Since one of the key peculiarities of the low-damage technology 
implemented in the steel-timber buildings is to bring back the structure 
to its original (before the seismic event) position, thanks to the re- 
centering action provided by the unbonded tendons/cable, it is impor-
tant to analyze the response/performance also in terms of residual/ 
permanent displacements/drifts. As shown in Fig. 16, the low-damage 
steel-timber buildings are subjected to significantly lower (averaged 
values of the residual interstorey drift obtained for each input signal) 
residual displacements when compared to those in steel buildings with 
traditional connections. However, even in the case of low-damage 

connections in the perimeter frames, the residual displacements are 
not nihil, due to the presence of BRB braces which, by plasticization, 
lead to permanent residual displacement/damage. A proper design 
procedure of such a peculiar dual system (BRB core plus steel-(Pres-lam) 
timber frames) should in fact adopt a higher moment-recentering ratio 
in the rocking-dissipating connections in order to account for the need to 
recover the permanent deformations/displacements/drifts generated by 
the BRBs braces. 

Wind nonlinear dynamic analyses imply the numerical generation of 
artificial wind force time histories and their application to the FE model. 
In this work, the artificial time histories have been generated by an in- 
house developed MatLab® code by superimposing the mean and the 
turbulent contribution in each considered direction. Since they are well- 
established by the literature [27,28], for the sake of brevity, the equa-
tions implemented in the above-mentioned Matlab® code are not re-
ported here. As a general description of the implemented models, it can 
be said that the turbulent components have been considered as 
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Fig. 11. Along-wind peak accelerations at the top floor of case study buildings: (a) site with low wind; (b) site with high wind.  
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Fig. 12. Across-wind peak accelerations at the top floor of case study buildings: (a) site with low wind; (b) site with high wind.  

M. Ciabattoni et al.                                                                                                                                                                                                                             



Engineering Structures 303 (2024) 117522

11

stationary zero-mean Gaussian ergodic stochastic processes. The tur-
bulent components of the wind velocity (and consequently of the wind 
forces) in the along- and across- wind directions have been considered as 
uncorrelated each other; the torsional component of the wind has been 
neglected due to the regularity of the considered buildings. For each 
direction one wind velocity time history has been considered each floor 
of the building, then the wind force has been obtained from the wind 
velocity by taking into account the floor tributary area and the building 
aerodynamic coefficient. Turbulent velocities time series have been 
numerically generated by applying the Proper Orthogonal Decomposi-
tion (POD) technique to the power spectral density (PSD) matrices of the 
wind turbulent spectra in the two considered directions [29]. The Solari 
spectra [30] and the Liang et al. spectra [31] have been used for the 
definition of the PSD matrices in the along-wind and in the across-wind 
direction respectively for the description of the two turbulent spectra 
characteristics. 

A total of 12 wind force time series for each direction (refereed as TH 
in the figures) have been identified for each case study. 

The peak forces at each floor resulting from the numerically gener-
ated time series have been compared with the CNR-DT 207 R1/2018 
equivalent static forces, determined as described in appendix of this 
paper. The comparison is shown in Fig. 17 for 18-floor building and 36- 
floor building in the across-wind direction and the high wind hazard 

construction site. 
From Fig. 17, it can be argued that, while numerically generated time 

histories are the same for the two buildings typologies (they do not 
depend on the building dynamics), the equivalent static forces are 
related to the flexibility of the building and thus differ between steel and 
steel-timber buildings. Furthermore, for the 36 storey building, the 
equivalent static forces for steel-timber buildings are comparable with 
the average profile of the peaks of the numerically generated forces, 
while they are comparable with the average plus a standard deviation of 
the peak values for steel buildings. On the other side, the linear-like 
shape of the profile along the building’s height is confirmed. 

The peak values of the accelerations, at the top habitable floor level, 
have been evaluated, and these values have been then checked for the 
habitability through the perception thresholds described above. 

The comparison of the top floor peak accelerations evaluated by the 
time history analyses at the high-wind hazard construction site, with the 
one obtained by the CNR method is shown in Fig. 18 for the 18-storey 
building and in Fig. 19 for the 36-storey building, together with the 
perception thresholds. Regarding the CNR peak accelerations, they have 
been evaluated by considering two different first modal frequencies for 
the structures: i) the one deriving from the preliminary estimation given 
by the CNR as reported in Eqs. (18) and (19) (indicated simply as “CNR” 
in the figure) and ii) the one obtained by the modal analysis (indicated 
as “CNR (Tmodal)” in the figure). The figures show that the peak ac-
celerations evaluated with the CNR simplified method and the natural 
frequency estimated by Eqs. (18) and (19) are, on average, lower than 
those resulting from the application of time series ( “average” in the 
figure), while the one evaluated by the CNR procedure but using the 
natural frequency obtained by the modal analysis, are higher than those 
resulting from the application of the time series, especially for the 36- 
storey steel building (Fig. 19-left). In all cases (average of the 12 TH 
values, “CNR” case and “CNT (Tmodal)” case), the comfort performance 
assessment is not satisfied, with the best case (18-storey steel-timber 
building in Fig. 18-right) falling exactly on the perception limit. 

4. Integrated wind – earthquake performance-based design/ 
assessment approach 

4.1. ADRS domain for wind performance-based design 

The Acceleration-Displacement Response Spectrumdomain, origi-
nally proposed as part of the Capacity Spectrum Method in the mid- 
1970 s, has been widely adopted in literature to study the response of a 
structure under earthquakes [32–34]. The Accelerations-Displacement 
Response Spectra (ADRS) curves are determined starting from the 
pseudo-acceleration elastic spectra according on the site, the nominal 
life and the class of the use of the building and the characteristics of the 
terrain roughness. Starting from these spectra that provide the values of 
the pseudo-accelerations (Sa), as a function of the building period (T), 
the pseudo-displacements (Sd), are obtained using Eq. (35): 

Sd =
Sa
4π2

T2

g (35) 

For the wind, it is not usual to refer to the ADRS curves like for 
earthquake. But in this paper the ADRS format is shown to be an 
effective way to compare the two actions under a common language/ 
nomenclatre, something that is crucial to obtain true MH design pro-
cedures [20]. 

Along-wind and across-wind accelerations are first obtained, with 
the simplified CNR procedure described in Section 2.2 and are then 
divided by the gravity to obtain pseudo accelerations. Such accelera-
tions are determined for several cases: buildings with the same geometry 
and the same structural scheme but having different values of the bulk 
density ρm (varying between 20 e 400 kg/m3) are considered. The 
fundamental natural frequency ni of the building in the direction “i” 

Table 4 
DDBD key parameters for the four cases study building at the site with high- 
seismicity and low-wind: Target drift, target displacement, spectrum reduction 
factor, effective height, effective period, effective/secant stiffness, Base Shear.  

Site with high seismicity - low wind   

18-storyes 
Steel 
building 

18-storeys 
Steel-timber 
building 

36-storyes 
Steel 
building 

36-storeys 
Steel-timber 
building 

θd (%)  1.80  1.80  1.50  1.50 
Δd (m)  0.77  0.77  0.92  0.92 
η  0.72  0.80  0.76  0.80 
Нeff (m)  43.02  43.05  84.75  84.71 
Нeff/Htot 

(%)  
68.28  68.33  67.26  67.22 

Teff (s)  4.27  3.90  4.78  4.56 
Keff (kN/ 

m)  
10153.27  11806.36  30187.93  32599.63 

Meff (ton)  4689.46  4548.91  17472.20  17171.24 
Meff/Mtot 

(%)  
76.88  76.87  104.90  104.91 

Vb (kN)  3930.83  4574.43  14309.79  15400.43  

Table 5 
DDBD key parameters for the four cases study building at the site with high- 
seismicity and high-wind: Target drift, target displacement, spectrum reduc-
tion factor, effective height, effective period, effective/secant stiffness, Base 
Shear.  

Site of low seismicity - high wind   

18-storyes 
Steel 
building 

18-storeys 
Steel-timber 
building 

36-storyes 
Steel 
building 

36-storeys 
Steel-timber 
building 

θd (%)  1.00  1.00  0.80  0.80 
Δd (m)  0.43  0.43  0.49  0.49 
η  0.90  0.85  0.96  0.89 
Нeff (m)  43.04  43.04  84.78  84.78 
Нeff/Htot 

(%)  
68.32  68.32  67.29  67.29 

Teff (s)  4.72  5.01  5.08  5.44 
Keff (kN/ 

m)  
8294.19  7115.99  26585.56  22568.98 

Meff (ton)  4680.76  4524.48  17379.23  16918.66 
Meff/Mtot 

(%)  
68.32  76.90  104.97  104.95 

Vb (kN)  1784.94  1531.37  6751.85  5547.09  
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(with i=D or L) dependents from ρm according to the Eq. (36). 

ni =
1

2π

̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅
K

ρm • Vtot

√

(36)  

Where K is the stiffness of the case study building (evaluated as 
K = (2 • π)2

• m
T), being “m” and “T” the modal mass and period of the 

considered mode, and Vtot is the total volume of the structure. 
Given the pseudo accelerations, the Eq. (35), being valid for the base 

excitation case, cannot be applied in case of wind, then the displace-
ments have been determined by applying the equivalent static forces 
(evaluated as reported in the appendix of the paper) to the FE structural 
models of the buildings. The variation of the bulk density for the eval-
uation of the wind ADRS has been imposed by assigning a multiplication 

factor to the masses deriving from the non-structural loads. 
Depending on the bulk density value, the acceleration trend is 

determined by the previously described CNR procedure as a function of 
the oscillation frequency of the structure obtained by Eq. (36). High 
frequencies, low periods, high accelerations and high displacements 
correspond to low values of ρm. 

The buildings are characterized by a double inertial symmetry in 
plan, then the first oscillation frequency is the same in the two orthog-
onal directions corresponding with the principal inertial axes of the 
floor, which also coincides with the along- and across- wind directions if 
it is assumed that the wind comes orthogonally to one of the building 
external vertical faces (most severe load conditions for across-wind 
building accelerations due to the occurring of the vortex shedding). 

The trend of the peak top floor pseudo accelerations and pseudo 
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Fig. 13. Natural accelerograms: (a) high seismicity site; (b) low seismicity site (right).  
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displacements with the building vibration period T are shown in Fig. 20 
e Fig. 21 for the along and across wind directions respectively, and by 
considering pre-definite values of the wind speed intensity corre-
sponding to the specified return periods TR taken equal to 1, 10 or 100 
years at the construction site with high-wind hazard. 

It can be seen in the figures both in along- and across- wind directions 
that, while the peak top floor displacements trend is always increasing 
with T, the peak top floor accelerations are initially increasing and then 

decreasing with the period T. 
The trends shown in Fig. 20 e Fig. 21 can be used to obtain the ADRS 

curves for wind simply by considering the values of pseudo displace-
ments and pseudo accelerations at different “T” values. The ADRS curves 
allow to compare the actions deriving from the earthquake and the wind 
hazards at different intensity levels. The ADRS curves are derived for all 
the LSs introduced above: the SLS, which corresponds to the damage 
limit state for a return period TR of 101 years of the earthquake and to 
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Fig. 15. Comparison between the maximum interstorey drifts obtained by the NLTHA and the DDBD target values for the site with high seismicity: (a) 36-storeys 
steel building; (b) 36-storeys Pres-Lam building. 

Table 6 
Natural seismic signals for low seismicity-high wind site.   

ID Code ID Station Date Epicentral distance (km) PGA (m/s2) PGV (m/s) Mw 

TH1 IT-2012-0011 SAN0 29/05/2012  15.8  2.167  0.351  6.0 
TH2 EMSC-20181226_0000014 EVRN 26/12/2018  5.3  2.948  0.278  4.9 
TH3 IT-2012-0011 SAN0 29/05/2012  6.1  1.709  0.195  6.0 
TH4 EMSC-20160824_0000006 NOR 24/08/2016  15.6  1.767  0.211  6.0 
TH5 IT-2012-0011 T0811 29/05/2012  14.3  2.020  0.239  6.0 
TH6 IT-1997-0006 CSA 26/09/1997  22.3  1.688  0.134  6.0 
TH7 IT-2012-0010 T0819 29/05/2012  6.8  2.531  0.428  5.5 
TH8 EMSC-20161026_0000077 NOR 26/10/2016  9.5  1.632  0.160  5.4 
TH9 IT-1997-0006 CLF 26/09/1997  4.8  2.234  0.171  6.0 
TH10 EMSC-20161026_0000095 NOR 26/10/2016  13.3  2.108  0.210  5.9 
TH11 IT-2012-0011 T0802 29/05/2012  9.9  2.908  0242  6.0 
TH12 IT-2009-0009 AQK 06/04/2009  1.8  3.555  0.358  6.1  

Table 7 
Natural seismic signals for high seismicity-low wind site.   

ID Code ID Station Date Epicentral distance (km) PGA (m/s2) PGV (m/s) Mw 

TH1 EMSC-20161030_0000029 T1201 30/10/2016  22.6  4.737  0.830  6.5 
TH2 EMSC-20161030_0000029 MZ102 30/10/2016  17.4  3.972  0.481  6.5 
TH3 EMSC-20161030_0000029 ACC 30/10/2016  18.6  5.469  0.441  6.5 
TH4 EMSC-20161030_0000029 MZ04 30/10/2016  23.1  7.933  0.854  6.5 
TH5 IT-2009-0009 AQV 06/04/2009  4.9  6.442  0.427  6.1 
TH6 EMSC-20161026_0000077 CMI 26/10/2016  3.7  7.068  0.557  5.4 
TH7 EMSC-20161030_0000029 CNE 30/10/2016  7.7  5.365  0.382  6.5 
TH8 IT-2012-0011 MRN 29/05/2012  4.1  8.407  0.575  6.0 
TH9 IT-1984-0002 NCR 29/04/1984  20.6  2.008  0.059  5.6 
TH10 EMSC-20161030_0000029 FCC 30/10/2016  11.0  9.311  0.773  6.5 
TH11 EMSC-20181226_0000014 SVN 26/12/2018  4.5  5.479  0.371  4.9 
TH12 IT-2010-0032 ILLI 16/08/2010  11.4  3.822  0.221  4.7  
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the occupants’ comfort limit state for a TR of 10 years for the wind, and 
the ULS, that corresponds to the life safety for the earthquake (949 years 
of TR) and to linear elastic operational condition (TR of 100 years) for 
the wind. 

The ADRS curves obtained for the considered TR, have the shape 
shown in Fig. 22 (36-storey steel-wood building at the construction site 
with low seismicity and high wind), where it is possible to understand 
which of the two hazards is dominant, according to the oscillation 
period of the structure both for SLS and ULS. For example, from the left- 
side pane of Fig. 22 it is clear that for periods T > 1 s, across-wind 
hazard is dominant at SLS, while it can be argued from the right-side 
panel that at ULSs the earthquake is dominant for periods T < 2 s, 
while the along-wind become dominant for periods T > 2 s . 

Table 8 
Dominant action for each case study according to the minimum addedd stiffness.   

18-storyes 
Steel 
building 

18-storeys 
Steel-timber 

36- 
storyes 
Steel 

36- 
storeys 
Steel- 
timber 

Site with high 
seismicity and 
low wind 

+ 15.6% 
Earthquake 
dominates 

+ 48.4% 
Earthquake 
dominates 

+ 40.4% 
Wind 
dominates 

+ 27.0% 
Wind 
dominates 

Site with low 
seismicity and 
high wind 

+ 36.1% 
Wind 
dominates 

+ 5.8% 
Wind 
dominates 

+ 67.7% 
Wind 
dominates 

+ 64.6% 
Wind 
dominates  
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Fig. 16. Comparison between the residual displacements [m] of buildings with hybrid connections (grey) and those of buildings with traditional connections (black): 
(a) 18-storeys; 36-storeys building on the right. 
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4.2. Multi-Hazard ADRS domain comparisons 

The above-mentioned comparison in terms of ADRS curves has been 
made for all the considered cases. The figures below show the case-by- 
case comparisons made for the construction site with low seismicity- 
high wind grouped by considered Limit States and by the building 
heights. 

From the figures above, it is possible to notice how, in the buildings 
of 18 floors, the earthquake would always governs the design: both at 
serviceability conditions and at the ultimate limit state. The relevance of 
the wind increases with the increase in the building height, in fact, for 
the 36-storeys structures, the ADRS curves, relative to the wind, are 
greater than those of the earthquake at the SLS for both typologies. Wind 
is also dominant at ULSs for the 36-storey steel building in steel, while 
the two hazards are comparable for the engineered wood and steel 
building at ULSs. In fact, as expected, the increasing of the importance of 
the wind hazard is more visible in cases where the structures are more 
flexible and therefore in those made entirely of steel and without hybrid 
connections. However, the 36 floors building at the SLS the action of the 

wind always governs on the earthquake. 
Finally, a comparison has been made to determine, on a case-by-case 

basis, what is the dominant/governing design action. Starting from the 
initial buildings’ design configuration analyzed in Section 3.5, which is 
not verified for either earthquake or wind loading, the minimum stiff-
ness/strength mass addition to the buildings (obtained by increasing the 
cross-sections and then determining the natural frequency) letting the 
performances reaching the required level as established in the design 
phase has been evaluated. This has been done for earthquake by esti-
mating the stresses to which all the elements were subjected, the mini-
mum sections necessary to withstand these stresses and, consequently, 
the minimum area of braces, columns and beams have been determined. 
For the wind, this has been done by checking that the peak acceleration 
of the top floor was below the threshold of perception. The necessary 
minimum added stiffness, expressed as a percentage, are given for each 
case study, is shown in Table 3. The dominant design action between 
earthquake and wind (also indicated in the table), is identified as the one 
requiring the larger added mass (as specified above). 

From the table, it can be sees how, only in the cases of 18-storeys 
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Fig. 18. Comparison between the peak longitudinal accelerations: (a) 18-storeys structures with traditional connections; (b) 18-storeys structures with hybrid 
connections. 
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steel and steel-timber buildings located in the high-seismicity low-wind 
construction site, the earthquake is dominant, while in all other cases 
the wind dominates. The latter becomes increasingly important as the 
number of floors of the building increases. Finally, it can be observed 
how the minimum required added mass is larger for steel buildings than 
for engineered wood and steel structures with hybrid connections. 

4.3. Multi-Hazard preliminary design methodology 

As discussed in Sections 2 and 3.2, the preliminary design of the 
buildings has been conducted by taking into account the two hazards 
individually. On the other hand, as already said in the introduction, in a 
true multi-hazard view, the preliminary design phase should be con-
ducted by considering simultaneously earthquake and wind. With this in 
mind, a methodology is proposed in this section to allow the multi- 
hazard preliminary design by using the ADRS comparison method 
introduced in previous parts. Two limit values have been superimposed 

on the ADRS plane: the first is referred to the wind induced SLSs by 
checking the peak accelerations of the top floor, with a return period 
TR= 10 years; the second limit value is given by a drift limit linked to 
the ULS under earthquake. The first value provides the initial stiffness 
that the structure should have so that the verification of habitability is 
respected, the second, instead, defines the target demand for ductility of 
the system. Thus, an ideal capacity curve has been obtained. 

The case of the building of 36 floors made of steel and timber with 
hybrid connections and placed in the area of low seismicity and high 
wind is shown in Fig. 27. Only the transverse component of the wind is 
represented because it is the most significant. 

By having this ideal capacity curve in the preliminary design phase, 
the target elastic stiffness and ductility are then defined by taking into 
account both wind and earthquake hazards. 
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Fig. 23. Earthquake – Wind comparison in terms of ADRS curves for the SLS at the site with low seismicity-high wind: (a) 18-storeys steel buildings; (b) 18-storeys 
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5. Conclusions 

The aim of the work was to study the behavior of tall buildings with 
structural elements in engineered wood and low damage connections, 
subjected to horizontal wind and earthquake actions and compare them 
with structures characterized by the same geometric characteristics but 
made in steel with traditional bolted connections. An innovative com-
parison method based on an integrated/jointed ADRS qind-earthquake 
capacity-demand performance representation is proposed in the paper. 
Then the same representation is used to present a Multi-Hazard (MH) 
preliminary design approach which allows to define the target elastic 
stiffness, strength and ductility for the building. 

First, some case study buildings of different heights located in 
different construction sites (i.e., characterized by low or high intensity 
for the two hazards in turn) are preliminarily designed under vertical 

and seismic loads, then the performances of the buildings under wind 
and earthquake are assessed by a detailed analysis. The peak interstorey 
drift has been chosen as response indicator for ULSs under wind and 
earthquake, while SLSs have been checked by comparing the peak floor 
accelerations with the motion perception thresholds indicated by the 
Guidelines. The detailed comparison between the performances of the 
two analyzed building typologies (steel with bolted connections or steel- 
timber with low damage connections) under wind and earthquake has 
been conducted by Non-Linear Time History Analyses (NLTHA) with the 
avail of natural seismic signals (recorded ground motions) and artifi-
cially generated time series for the floor wind forces. This type of 
analysis has confirmed the ability of hybrid connections to minimize 
structural damage (both in terms of maximum and residual displace-
ment/drift). In particular, it has been seen that buildings with tradi-
tional connections were subjected to more significant residual/ 
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Fig. 25. Earthquake – Wind comparison in terms of ADRS curves for the SLS at the site with low seismicity-high wind: (a) 36-storeys steel buildings; (b) 36-storeys 
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Fig. 26. Earthquake – Wind comparison in terms of ADRS curves for the ULS at the site with low seismicity-high wind; (a) 36-storeys steel buildings; (b) 36-storeys 
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permanent displacements. Regarding the performances under wind, in 
most cases, accelerations were not below the perception thresholds, 
especially in buildings without hybrid connections. 

Finally, in a MH view, the actions of wind and earthquake have been 
compared in terms of structural masses and in terms of ADRS curves. The 
results showed that, as expected, the action of the wind becomes more 
and more important as the number of floors increases while, for the 
structures with hybrid connections, the preponderance of the wind on 
the earthquake attenuates. The comparison in terms of ADRS curves 
allowed to identify capacity an ideal curve for the building by intro-
ducing 2 limit values for the response parameters, each corresponding to 
a limit state. Specifically, the first is related to accelerations induced by 
wind and provides the initial stiffness that the structure must have in 
order to ensure comfort for the occupants, while the second is a drift 
limit associated to the ultimate limit state and affects the ductility de-
mand and, in turns, the actual energy dissipation. The ideal capacity 
curve can be used to preliminary design the building in a true MH 
approach by considering both wind and earthquake. 
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APPENDIX A. Equivalent static wind actions for displacement response evaluation 

As well known, the analysis of the wind actions and their effects on the structures is based on the assessment of the wind speed at the construction 
site. The wind speed consists of two components: an average part that varies slowly over time and space and a turbulent fluctuation with zero average 
that varies rapidly over time and space. The values of two components depend on the geographical position, the altitude above sea level of the 
construction site, the roughness and topography of the terrain and the considered return period. 

Then the wind exerts a set of aerodynamic forces on the construction and its elements in accordance with the shape, orientation and the extension 
of the structure. These aerodynamic actions are schematized by a longitudinal (along-wind) force fD (D = Drag), a lateral (across-wind) force fL (L =
Lift) and a torsional moment mM. Following these actions, the structure exhibit the response in three directions: longitudinal, lateral and torsional, as 
shown in Figure A1. 
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Fig. 27. Ideal curve for steel - timber building of 36 floors, placed in the construction site of low seismicity and high wind.  
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Figure. A1. Two-dimensional body in a wind field (after CNR 2018).  

. 
For buildings with a regular shape and ordinary dimensions, the displacements induced by the wind can be assessed through equivalent forces that 

are estimated to derive, when statically applied to the construction, the maximum effects induced by the dynamic application of the actual wind 
dynamic actions. The equivalent static actions are the product of the peak aerodynamic stationary actions and the dynamic amplification coefficients. 
The latter depend on the dynamic parameters of the structure, the characteristics of the incident wind, the geometry and the dimension of the 
construction (the last one influencing the spatial correlation of the turbulent wind force components). The lateral actions increase in importance with 
the height, slenderness and flexiblity of the building, while the torsional action can be neglected in the preliminary design phase if the structure is 
regular in plan and elevation. The procedure for evaluating equivalent static actions is summarized with a flowchart in Figure A2. Equivalent static 
actions can be used to be applied to a FE model to evaluate the peak displacements experimented by the building under the design wind. 
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Fig. A2. Procedure used for evaluating equivalent static wind forces.  

. 
In order to evaluate displacements under wind, in this paper the actions of the wind are represented by equivalent load distributions which, applied 

statically, generate the maximum values of the stresses induced by the actual action of the wind. In particular, the actions and effects induced by the 
wind in the along-wind, across-wind and twisting directions have been evaluated. For this purpose, it has been necessary to define the characteristics 
of the incident wind, according to the selected sites for the buildings, thus, to determine the reference speed, fundamental for the assessment of the 
displacement response. 
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The three following equations refer respectively to the along-wind, across-wind and torsional equivalent static actions: 

FD = (c′peq′p + c′′peq′′p) • b • Δ • cdD (A.1)  

fL(z) = 3 • qp(h) • CL • b •
z
h
• cdL (A.2)  

mM(z) = 1.8 • qp(h) • CM • b2 •
z
h
• cdM (A.3)  

Where: 
c’pe and c′’pe are the external pressure coefficients for the windward wall and the leeward face respectively: 

c′pe = 0.8 (A.4)  

c′′pe = − 0.5 − 0.05 • (h
/

d − 1) (A.6)  

q’p and q′’p are the peak kinetic pressures for the windward wall and the leeward face respectively: 

q′p =
1
2
• ρ • v2

r • c′e(z) (A.7)  

q′′p =
1
2
• ρ • v2

r • c′′e(z) (A.8)  

c’e and c′’e are the exposure coefficients: 

c′e(z) = k2
r • ln(

z
z0
) • ct(z) • [ln(

z
z0
) • ct(z)+ 7] (A.9)  

c′′e(z) = k2
r • ln(

zmin

z0
) • ct(zmin) • [ln(

zmin

z0
) • ct(zmin)+ 7] (A.10) 

Kr, z0 e zmin are respectively the soil factor, the roughness length and the minimum height whose values are provided by the CNR-DT 207 R1/2018 
as a function of the exposure category. 

Ct is the topographic coefficient whose value is provided by the CNR according to the orographic and topographic characteristics of the site. 
Vr is the design reference speed and it is the value of the average wind speed over an interval time of 10 min, at a height of 10 m above the ground, 

on a flat and homogeneous ground with roughness length of 0.05 m, referred to the design period return. 
Δ is the height of the segments in which the building is divided along its height to consider the non-uniform distribution of the equivalent static 

forces. 
cdD is the longitudinal dynamic coefficient: 

cdD =
GD

1 + 7 • Iv(ze)
(A.11)  

GD = 1+ 2 • gD • Iv(ze) •

̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅

B2
D + R2

D

√

(A.12)  

Iv =
1

ln( z
z0
) • ct

(A.13)  

gD =
̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅
2 • ln(νD • T

√
)+

0.5772
̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅
2 • ln(νD • T

√
)

(A.14)  

νD = nD •

̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅
R2

D

B2
D + R2

D

√

(A.15)  

B2
D =

1
1 + 0.9 • ( b+h

Lv(ze)
)

0.63 (A.16)  

Lv(ze) = Ḻ • (
z
ẑ
)

k (A.17) 

ẑ is equal to 200, Ḻ is equal to 300 and k is a coefficient according to exposure category of the site. 

R2
D =

π
4 • ξD

SD • Rh • Rb (A.18)  

SD =
6.868 • nD • Lv(ze)/ vm(ze)

[1 + 10.302 • nD • Lv(ze)/ vm(ze)]
5/3 (A.19)  
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Rb =

⎧
⎪⎨

⎪⎩

1per nb = 0
1
nb

−
1

2 − n2
b

(1 − e− 2•nb )per nb > 0
(A.20)  

Rh =

⎧
⎪⎨

⎪⎩

1per nh = 0
1
nh

−
1

2 − n2
h

(1 − e− 2•nh )per nh > 0
(A.21)  

nb = 4 •
nD • b

vm(ze)
(A.22)  

nh = 4 •
nD • h

vm(ze)
(A.23) 

For the calculation of the aerodynamic coefficients cdL and cdM the procedure is similar to the one just described. 
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